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Instructions: 
• At your convenience and own pace, review the course material below.  When ready, 

click “Take Exam!” above to complete the live graded exam.  (Note it may take a few 
seconds for the link to pull up the exam.)  You will be able to re-take the exam as 
many times as needed to pass.   

• Upon a satisfactory completion of the course exam, which is a score of 70% or 
better, you will be provided with your course completion certificate.  Be sure to 
download and print your certificates to keep for your records.    
 

Exam Preview: 
1. For this guide the yield point of steel under uniaxial tensile stress is generally used as 

a base to determine yield stresses under other loading states namely, bending, shear 
and compression, or tension. The design stresses are also functions of the average 
strength increase factor, a, and the dynamic increase factor, c. 

a. True 
b. False 

2. The dynamic design stress for shear shall be fdv = ____ fds 
a. 0.40 
b. 0.45 
c. 0.50 
d. 0.55 

3. Although plastic behavior is not generally permissible under service loading 
conditions, it is quite appropriate for design when the structure is subjected to a 
severe blast loading only once or at most a few times during its existence. 

a. True 
b. False 

4. Deformation criteria are specified in detail for two categories of structures, namely, 
acceptor-type structures in the low pressure range and structures in the high pressure 
range which may either be acceptor or donor-type. 

a. True 
b. False 
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5. In order to restrict damage to a structure or element which is subjected to the effects 

of accidental explosion, limiting values must be assigned to appropriate response 
quantities. For systems such as frame structures which can be represented by single-
degree-of freedom system, the appropriate quantities are taken as the sidesway  
deflection and individual frame member rotations and as the maximum ductility ratio 
and the maximum rotation at an end support. 

a. True 
b. False 

6. The Dynamic Increase Factor, c, for Ultimate Stress of A36 Structural Steel is ___. 
a. 1.00 
b. 1.05 
c. 1.10 
d. 1.20 

7. The calculation of the dynamic flexural capacity of beams is described in detail. The 
necessary information is presented for determining the equivalent bilinear  resistance 
deflection functions used in evaluating the basic flexural response of beams.  

a. True 
b. False 

8. Shearing forces are of significance in plastic design primarily because of their possible 
influence on the plastic moment capacity of a steel member. At points where large 
bending moments and shear forces exist, the assumption of an ideal elasto-plastic 
stress-strain relationship indicates that during the progressive formation of a plastic 
hinge, there is a reduction of the web area available for shear. 

a. True 
b. False 

9. In order to ensure that a steel beam will attain fully plastic behavior and attain the 
desired ductility at plastic hinge locations, it is necessary that the elements of the 
beam section meet minimum thickness requirements sufficient to prevent a local 
buckling failure.  

a. True 
b. False 

10. Section 2.8 of the AISC Specification, bolts, rivets and welds shall be proportioned to 
resist the maximum forces using stresses equal to 1.7 times those given in Part 1 of 
the Specification. 

a. True 
b. False 
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CHAPTER 1 INTRODUCTION 

INTRODUCTION 

1-1 PURPOSE. 

The purpose of this manual is to present methods of design for protective construction 
used in facilities for development, testing, production, storage, maintenance, 
modification, inspection, demilitarization, and disposal of explosive materials. 

1-2 OBJECTIVE. 

The primary objectives are to establish design procedures and construction techniques 
whereby propagation of explosion (from one structure or part of a structure to another) 
or mass detonation can be prevented and to provide protection for personnel and 
valuable equipment. 

The secondary objectives are to: 

(1) Establish the blast load parameters required for design of protective
structures.

(2) Provide methods for calculating the dynamic response of structural elements
including reinforced concrete, and structural steel.

(3) Establish construction details and procedures necessary to afford the
required strength to resist the applied blast loads.

(4) Establish guidelines for siting explosive facilities to obtain maximum cost
effectiveness in both the planning and structural arrangements, providing
closures, and preventing damage to interior portions of structures because of
structural motion, shock, and fragment perforation.

1-3 BACKGROUND. 

For the first 60 years of the 20th century, criteria and methods based upon results of 
catastrophic events were used for the design of explosive facilities. The criteria and 
methods did not include a detailed or reliable quantitative basis for assessing the 
degree of protection afforded by the protective facility. In the late 1960's quantitative 
procedures were set forth in the first edition of the present manual, "Structures to Resist 
the Effects of Accidental Explosions". This manual was based on extensive research 
and development programs which permitted a more reliable approach to current and 
future design requirements. Since the original publication of this manual, more 
extensive testing and development programs have taken place. This additional research 
included work with materials other than reinforced concrete which was the principal 
construction material referenced in the initial version of the manual. 
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Modern methods for the manufacture and storage of explosive materials, which include 
many exotic chemicals, fuels, and propellants, require less space for a given quantity of 
explosive material than was previously needed. Such concentration of explosives 
increases the possibility of the propagation of accidental explosions. (One accidental 
explosion causing the detonation of other explosive materials.) It is evident that a 
requirement for more accurate design techniques is essential. This manual describes 
rational design methods to provide the required structural protection. 

These design methods account for the close-in effects of a detonation including the high 
pressures and the nonuniformity of blast loading on protective structures or barriers. 
These methods also account for intermediate and far-range effects for the design of 
structures located away from the explosion. The dynamic response of structures, 
constructed of various materials, or combination of materials, can be calculated, and 
details are given to provide the strength and ductility required by the design. The design 
approach is directed primarily toward protective structures subjected to the effects of a  
high explosive detonation. However, this approach is general, and it is applicable to the 
design of other explosive environments as well as other explosive materials as 
mentioned above. 

The design techniques set forth in this manual are based upon the results of numerous 
full- and small-scale structural response and explosive effects tests of various materials 
conducted in conjunction with the development of this manual and/or related projects. 

1-4 SCOPE. 

It is not the intent of this manual to establish safety criteria. Applicable documents 
should be consulted for this purpose. Response predictions for personnel and 
equipment are included for information. 

In this manual an effort is made to cover the more probable design situations. However, 
sufficient general information on protective design techniques has been included in 
order that application of the basic theory can be made to situations other than those 
which were fully considered. 

This manual is applicable to the design of protective structures subjected to the effects 
associated with high explosive detonations. For these design situations, the manual will 
apply for explosive quantities less than 25,000 pounds for close-in effects. However, 
this manual is also applicable to other situations such as far- or intermediate-range 
effects. For these latter cases the design procedures are applicable for explosive 
quantities in the order of 500,000 pounds which is the maximum quantity of high 
explosive approved for aboveground storage facilities in the Department of Defense 
manual, "DoD Ammunition and Explosives Safety Standards," DOD 6055.9-STD. Since 
tests were primarily directed toward the response of structural steel and reinforced 
concrete elements to blast overpressures, this manual concentrates on design 
procedures and techniques for these materials. However, this does not imply that 
concrete and steel are the only useful materials for protective construction. Tests to 
establish the response of wood, brick blocks, and plastics, as well as the blast 
attenuating and mass effects of soil are contemplated. The results of these tests may 
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require, at a later date, the supplementation of these design methods for these and 
other materials. 

Other manuals are available to design protective structures against the effects of high 
explosive or nuclear detonations. The procedures in these manuals will quite often 
complement this manual and should be consulted for specific applications. 

Computer programs, which are consistent with procedures and techniques contained in 
the manual, have been approved by the appropriate representative of the US Army, the 
US Navy, the US Air Force and the Department of Defense Explosives Safety Board 
(DDESB). These programs are available through the following repositories: 

(1) Department of the Army 
Commander and Director 
U.S. Army Engineer Research and Development Center 
Post Office Box 631 
Vicksburg, Mississippi 39180-0631 
Attn:  WESKA 

(2) Department of the Navy 
Commanding Officer 
Naval Facilities Engineering Service Center 
Port Hueneme, California 93043 
Attn:  Code OP62 

(3) Department of the Air Force 
Aerospace Structures 
Information and Analysis Center 
Wright Patterson Air Force Base 
Ohio 45433 
Attn:  AFFDL/FBR 

If any modifications to these programs are required, they will be submitted  for review by 
DDESB and the above services. Upon concurrence of the revisions, the necessary 
changes will be made and notification of the changes will be made by the individual 
repositories. 

1-5 FORMAT. 

This manual is subdivided into six specific chapters dealing with various aspects of 
design. The titles of these chapters are as follows: 

Chapter 1 Introduction 

Chapter 2 Blast, Fragment, and Shock Loads 

Chapter 3 Principles of Dynamic Analysis 

Chapter 4 Reinforced Concrete Design 

Chapter 5 Structural Steel Design 
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Chapter 6 Special Considerations in Explosive Facility Design 

When applicable, illustrative examples are included in the Appendices. 

Commonly accepted symbols are used as much as possible. However, protective 
design involves many different scientific and engineering fields, and, therefore, no 
attempt is made to standardize completely all the symbols used. Each symbol is defined 
where it is first used, and in the list of symbols at the end of each chapter. 

CHAPTER CONTENTS 

1-6 GENERAL. 

This chapter presents a qualitative description of an explosive protective system, and 
addresses acceptor system tolerances, and the basis for structural design. 

SAFETY FACTOR 

1-7 SAFETY FACTOR. 

Simplifications leading to safety conservative structural designs are made in the design 
procedures of this manual. However, unknown factors can still cause an overestimation 
of a structure's capacity to resist the effects of an explosion. Unexpected shock wave 
reflections, construction methods, quality of construction materials, etc., vary for each 
facility. To compensate for such unknowns it is recommended that the TNT equivalent 
weight be increased by 20 percent. This increased charge weight is the "effective 
charge weight" to be used for design. Departures from this recommendation must be 
approved by the responsible agency. 

All charts pertaining to explosive output in this manual are for readings at sea level. 

EXPLOSION PROTECTION SYSTEM 

1-8 SYSTEM COMPONENTS. 
1-8.1 General. 

Explosive manufacturing and storage facilities are constructed so that they provide a 
predetermined level of protection against the hazards of accidental explosions. These 
facilities consist of three components:  (1) the donor system (amount, type and location 
of the potentially detonating explosive) which produces the damaging output, (2) the 
acceptor system (personnel, equipment, and "acceptor" explosives) which requires 
protection, and (3) the protection system (protective structure, structural components or 
distance) necessary to shield against or attenuate the hazardous effects to levels which 
are tolerable to the acceptor system. The flow chart in Figure 1-1briefly summarizes the 
protective system and relates the individual components to each other.  
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1-8.2 Donor System. 

The donor system includes the type and amount of the potentially detonating explosive 
as well as materials which, due to their proximity to the explosive, become part of the 
damaging output. The output of the donor explosive includes blast overpressures 
(hereafter referred to as blast pressures or pressures), primary fragments resulting from 
cased explosives and secondary fragments resulting from materials in the immediate 
vicinity of the donor explosive. Other effects from the donor include ground shock, fire, 
heat, dust, electromagnetic pulse, etc. For the quantities of explosives considered in this 
manual, blast pressures constitute the principal parameter governing the design of 
protective structures. However, in some situations, primary and/or secondary fragments 
and ground shock may assume equal importance in the planning of the protection 
system. The other effects mentioned are usually of concern in specific types of facilities, 
and their influence on the overall design can usually be met with the use of standard 
engineering design procedures. Except for very large quantities of explosives, ground 
shock effects will usually be small and, in most cases, will be of concern when 
dislodging of components within the protective structure is possible. 

The chemical and physical properties of the donor explosive determine the magnitude 
of the blast pressures whereas the distribution of the pressure pattern is primarily a 
function of the location of the donor explosive relative to the components of the 
protective facility. The mass-velocity properties of the primary fragments depend upon 
the properties of the donor explosive and the explosive casing, while, for secondary 
fragments, their mass-velocity properties are functions of the type of fragment materials 
(equipment, frangible portions of the structure, etc.), their relative position to the donor 
explosive, and the explosive itself. 

The explosive properties, including the molecular structure (monomolecular, 
bimolecular, etc.) of the explosive, shape and dimensional characteristics, and the 
physical makeup (solid, liquid, gas) of the charge, determine the limitation of the 
detonation process. These limitations result in either a high- or low-order detonation. 
With a high-order detonation, the process is generally complete and results in the 
maximum pressure output for the given type and amount of material. On the other hand, 
if the detonation is incomplete with the initial reaction not proceeding through the 
material mass, then a large quantity of the explosive is consumed by deflagration and 
the blast pressure is reduced. 

Primary fragments are produced by the explosion of a cased donor charge. They result 
from the shattering of a container which is in direct contact with the explosive material. 
The container may be the casing of conventional munitions, the kettles, hoppers, and 
other metal containers used in the manufacture of explosives, the metal housing of 
rocket engines, etc. Primary fragments are characterized by very high initial velocities 
(in the order of thousands of feet per second), large numbers of fragments, and 
relatively small sizes. The heavier fragments may penetrate a protective element 
depending upon its composition and thickness. The lighter fragments seldom achieve 
perforation. However, in certain cases, primary fragments may ricochet into the 
protected area and cause injury to personnel, damage to equipment, or propagation of 
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acceptor explosives. For protection against primary fragments, sufficient structural mass 
must be provided to prevent full penetration, and the configuration of the components of 
the protective facility must prevent fragments from ricocheting into protected areas. 

Secondary fragments are produced by the blast wave impacting objects located in the 
vicinity of the explosive source. At these close distances, the magnitude of the shock 
load is very high and objects can be broken up and/or torn loose from their supports. 

Pieces of machinery, tools, materials such as pipes and lumber, parts of the structure 
(donor structure) enclosing the donor explosive, large pieces of equipment, etc. may be 
propelled by the blast. Secondary fragments are characterized by large sizes (up to 
hundreds of pounds) and comparatively low velocities (hundreds of feet per second). 
These fragments may cause the same damage as primary fragments, that is, injury to 
personnel, damage to equipment or detonation of acceptor explosives. However, 
protection against secondary fragments is slightly different than for primary fragments. 
While preventing perforation by primary fragments is important, secondary fragments 
pose additional problems due to their increased weight. The protective structure must 
be capable of resisting the large impact force (momentum) associated with a large mass 
travelling at a relatively high velocity. 

1-8.3 Acceptor System. 

The acceptor system is composed of the personnel, equipment, or explosives that 
require protection. Acceptable injury to personnel or damage to equipment, and 
sensitivity of the acceptor explosive(s), establishes the degree of protection which must 
be provided by the protective structure. The type and capacity of the protective structure 
are selected to produce a balanced design with respect to the degree of protection 
required by the acceptor and the hazardous output of the donor. 

Protection in the immediate vicinity of the donor explosive is difficult because of high 
pressures, ground shock, fire, heat, and high speed fragments generally associated with 
a detonation. Protection can be afforded through the use of distance and/or protective 
structures. Personnel may be subjected to low blast pressures and/or small ground 
motions without direct injury. However, injury can be sustained by falling and impacting 
hard surfaces. 

In most explosive processing facilities, equipment is expendable and does not require 
protection. Equipment which is very expensive, difficult to replace in a reasonable 
period of time, and/or must remain functional to insure the continuous operation of a 
vital service may require protection. The degree of protection will vary depending upon 
the type and inherent strength of the equipment. In general, equipment and personnel 
are protected in a similar manner. However, equipment can usually sustain higher 
pressures than personnel, certain types of equipment may be able to withstand 
fragment impact whereas personnel can not, and lastly, equipment can sustain larger 
shock loads since it can be shock isolated and/or secured to the protective structure. 

The degree of protection for acceptor explosives range from full protection to allowable 
partial or total collapse of the protective structure. In order to prevent detonation, 
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sensitive acceptor explosives must be protected from blast pressures, fragment impact, 
and ground shock whereas "insensitive" explosives may be subjected to these effects in 
amounts consistent with their tolerance. The tolerances of explosives to initial blast 
pressures, structural motions, and impact differ for each type of explosive material with 
pressure being the lesser cause of initiation. Impact loads are the primary causes of 
initiation of acceptor explosives. They include primary and secondary fragment impact 
as well as impact of the explosive against a hard surface in which the explosive is 
dislodged from its support by pressure or ground shock and/or propelled by blast 
pressures. 

Figure 1-1 Explosive Protective System 
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PROTECTION CATEGORIES 

1-9 PROTECTION CATEGORIES. 

For the purpose of analysis, the protection afforded by a facility or its components can 
be subdivided into four protection categories as described below: 

1. Protection Category 1 - Protect personnel against the uncontrolled release of 
hazardous materials, including toxic chemicals, active radiological and/or 
biological materials; attenuate blast pressures and structural motion to a level 
consistent with personnel tolerances; and shield personnel from primary and 
secondary fragments and falling portions of the structure and/or equipment; 

2. Protection Category 2 - Protect equipment, supplies and stored explosives 
from fragment impact, blast pressures and structural response; 

3. Protection Category 3 - Prevent communication of detonation by fragments, 
high-blast pressures, and structural response; and 

4. Protection Category 4 - Prevent mass detonation of explosives as a result of 
subsequent detonations produced by communication of detonation between 
two adjoining areas and/or structures. This category is similar to Category 3 
except that a controlled communication of detonation is permitted between 
defined areas. 

ACCEPTOR SYSTEMS TOLERANCES 

1-10 PROTECTIVE SYSTEMS. 
1-10.1 Protective Structures. 

Personnel, equipment or explosives are protected from the effects of an accidental 
explosion by the following means: (1) sufficient distance between the donor and 
acceptor systems to attenuate the hazardous effects of the donor to a level tolerable to 
the acceptor, (2) a structure to directly protect the acceptor system from the hazardous 
output of the donor system, (3) a structure to fully contain or confine the hazardous 
output of the donor system, and (4) a combination of the above means. While large 
distances may be used to protect acceptor systems, a protective facility is the most 
common method employed when limited area is available. In general, separation 
distances are used as a means of attenuating the hazardous effects of the donor to a 
level which makes the design of a protective facility feasible, practical and cost effective. 

Protective structures can be classified as shelters, barriers or containment structures. 
Protection is provided by each structure in three distinct manners. Shelters are 
structures that fully enclose the acceptor system with hardened elements. These 
elements provide direct protection against the effects of blast pressures, primary and 
secondary fragments and ground shock. Containment structures are buildings which 
fully or near fully enclose the donor system with hardened elements. They protect the 

8ENGINEERING-PDH.COM 
| STR-112 |



 
 
 

9 
 

acceptor system by confining or limiting the damaging output of the donor system. A 
barrier acts as a shield between the donor and acceptor systems. They attenuate the 
damaging output of the donor system to a level which is tolerable to the acceptor 
system. 

Shelters are fully enclosed structures and are used to protect personnel from injury, 
prevent damage to valuable equipment, and prevent detonation of sensitive explosives. 
The exterior of the structure is composed of hardened elements which must be 
designed to resist the effects of blast pressures and both primary and secondary 
fragment impact and the interior must be arranged to shock isolate the acceptor system. 
Entrances must be sealed by blast doors, and depending upon the amount of usage 
and/or the potential explosive hazard, may also require blast locks (an entrance 
containing a blast door followed by a second blast door; one of which is always closed). 
Other openings required for facility operations, such as ventilation passages, equipment 
access openings, etc., may be sealed by blast valves or blast shields. Design criteria for 
these protective closures are governed by their size and location and the magnitude of 
the blast pressure and fragment effects acting on them. Small openings may be 
permitted if the magnitude and rate of pressure buildup within the structure is tolerable 
to the occupants and contents of the shelter. Specific provisions may also be necessary 
to insure that partitions, hung ceilings, lighting fixtures, equipment, mechanical and 
electrical fixtures, piping, conduits, etc., are not dislodged as a result of structure 
motions or leakage pressures and become a hazard to the building's occupants and 
contents. 

Barriers are generally used to prevent propagation of explosions. They act as a shield 
between two or more potentially detonating explosives. Their main purpose is to stop 
high speed fragments from impacting acceptor explosives. In addition, they reduce 
secondary fragments striking the acceptor. They can also reduce blast pressures in the 
near range (at a distance up to ten times barrier height) but have little or no effect on the 
far range. Barriers can be either barricades (revetted or unrevetted earth barricades), 
simple cantilever walls, etc., or cubicle-type structures where one or more sides and/or 
the roof are open to the atmosphere or enclosed by frangible elements. Igloos (earth 
covered magazines), below ground silos, and other similar structures with open or 
frangible surfaces can also be classified as barriers. They are usually used in storage, 
manufacturing, or processing of explosives or explosive materials. The explosives are 
usually located close to the protective element. Consequently, the barrier is subjected to 
high intensity blast loads and the acceptor explosive is subjected to comparatively high 
leakage pressures. 

Containment structures are generally used for high hazard operations and/or operations 
involving toxic materials. These operations must be remotely controlled since operating 
personnel should not be located within the structure during hazardous operation. All 
entrances must be sealed with blast doors. Other openings required for facility 
operations such as ventilation passages, equipment and/or product access openings, 
etc., must be sealed by blast valves or blast shields. For operations not involving toxic 
materials, blast pressures may be released to the atmosphere. However, this pressure 
release must be controlled both in magnitude and direction either by mechanical means 
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(through blast valves or shields) or by limiting the size of the openings and/or directing 
the leakage pressures to areas where personnel, equipment and acceptor explosives 
will be protected. 

The various components of a protective facility must be designed to resist the effects of 
an explosion. The exterior walls and roof are the primary protective elements. These 
elements are said to be "hardened" if they are designed to resist all the effects 
associated with an explosion (blast pressures, primary and secondary fragments, 
structure motions). On the other hand, a blast resistant element is designed to resist 
blast pressure only. While a blast resistant element is not designed specifically to resist 
fragments, the element has inherent fragment resistance properties which increases 
with increasing blast resistant capabilities. In many parts of this manual, the term "blast 
resistant" is used synonymously with "hardened." 

1-10.2 Containment Type Structures. 

The first three protection categories can apply to structures classified as containment 
structures when these structures are designed to prevent or limit the release of toxic or 
other hazardous materials to a level consistent with the tolerance of personnel. These 
structures generally are designed as donor structures and can resist the effects of 
"close-in" detonations (detonations occurring close to the protective structures). Added 
protection is accomplished by minimizing the pressure leakage to the structure’s 
exterior, by preventing penetration to the exterior of the structure by primary fragments 
and/or formation of fragments from the structure itself. Quite often, containment 
structures may serve as a shelter as described below. Procedures for designing 
reinforced concrete containment structures are contained in Chapter 4. A design ratio of 
weight to volume of W/V < 0.15 lb/ft3 is a practical range for reinforced concrete 
containment structures. 

1-10.3 Shelters. 

The first three protection categories apply to shelters which provide protection for 
personnel, valuable equipment, and/or extremely sensitive explosives. Shelters, which 
are usually located away from the explosion, accomplish this protection by minimizing 
the pressure leakage into a structure, providing adequate support for the contents of the 
structure, and preventing penetration to the interior of the structure by high-speed 
primary fragments, and/or by the impact of fragments formed by the breakup of the 
donor structure. Protection against the uncontrolled spread of hazardous material is 
provided by limiting the flow of the dangerous materials into the shelter using blast 
valves, filters, and other means. Procedures for designing concrete and structural steel 
buildings are contained in Chapters 4 and 5, respectively. 

1-10.4 Barriers. 

Although the first three categories of protection can be achieved with the use of a 
shelter, the last two protection categories (Section 1-9) pertain to the design of barriers 
where protection of explosives from the effects of blast pressures and impact by 
fragments must be provided. For the third protection category, the explosion must be 
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confined to a donor cell, whereas in the fourth protection category, propagation between 
two adjoining areas is permitted. However, the communication of detonation must not 
extend to other areas of the facility. This situation may arise in the event of the 
dissimilarity of construction and/or explosive content of adjacent areas. Procedures for 
designing reinforced concrete barriers are contained in Chapter 4. 

1-11 HUMAN TOLERANCE. 
1-11.1 Blast Pressures. 

Human tolerance to the blast output of an explosion is relatively high. However, the 
orientation of a person (standing, sitting, prone, face-on or side-on to the pressure 
front), relative to the blast front, as well as the shape of the pressure front (fast or slow 
rise, stepped loading), are significant factors in determining the amount of injury 
sustained. Shock tube and explosive tests have indicated that human blast tolerance 
varies with both the magnitude of the shock pressure as well as the shock duration, i.e., 
the pressure tolerance for short-duration blast loads is significantly higher than that for 
long-duration blast loads. 

Tests have indicated that the air-containing tissues of the lungs can be considered as 
the critical target organ in blast pressure injuries. The release of air bubbles from 
disrupted alveoli of the lungs into the vascular system probably accounts for most 
deaths. Based on present data, a tentative estimate of man's response to fast rise 
pressures of short duration (3 to 5 ms) is presented in Figure 1-2. The threshold and 
severe lung-hemorrhage pressure levels are 30 to 40 psi and above 80 psi, 
respectively, while the threshold for lethality due to lung damage is approximately 100 to 
120 psi (Table 1-1). On the other hand, the threshold pressure level for petechial 
hemorrhage resulting from long-duration loads may be as low as 10 to 15 psi, or 
approximately one-third that for short duration blast loads. Since survival is dependent 
on the mass of the human, the survival for babies will be different than the survival for 
small children which will be different from that for women and men. These differences 
have been depicted in Figure 1-2 which indicates that the survival scaled impulse 
depends on the weight of the human. It is recommended that 11 lb be used for babies, 
55 lb for small children, 121 lb for adult women and 154 lb for adult males. 

A direct relationship has been established between the percentage of ruptured 
eardrums and maximum pressure, i.e., 50 percent of exposed eardrums rupture at a 
pressure of 15 psi for fast rising pressures while the threshold of eardrums rupture for 
fast rising pressure is 5 psi. Temporary hearing loss can occur at pressure levels less 
than that which will produce onset of eardrum rupture. This temporary hearing loss is a 
function of the pressure and impulse of a blast wave advancing normal to the eardrum. 
The curve which represents the case where 90 percent of those exposed are not likely 
to suffer an excessive degree of hearing loss, is referred to as the temporary threshold 
shift. The pressures referred to above are the maximum effective pressures, that is, the 
highest of either the incident pressure, the incident pressure plus the dynamic 
pressures, or the reflected pressure. The type of pressure which will be the maximum 
effective depends upon the orientation of the individual relative to the blast as well as 
the proximity of reflecting surfaces and the occurrence of jetting effects which will cause 
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pressure amplification as the blast wave passes through openings. As an example, 
consider the pressure level which will cause the onset of lung injury to personnel in 
various positions and locations. The threshold would be 30 to 40 psi reflected pressure 
for personnel against a reflector (any position), 30 to 40 psi incident plus dynamic 
pressure; 20 to 25 psi would be the incident pressure plus 10 to 15 psi dynamic 
pressure for personnel in the open, either standing or prone-side-on, and 30 to 40 psi 
incident pressure for personnel in the open in a prone-end-on position.  

However, the above pressure level assumes that an individual is supported and will not 
be injured due to being thrown off balance and impacting a hard and relatively non-
yielding surface. In this case, pressure levels which humans can withstand are generally 
much lower than those causing eardrum or lung damage. For this case, one publication 
has recommended that tolerable pressure level of humans not exceed 2.3 psi which is 
higher than temporary threshold shift of temporary hearing loss (Figure 1-3) and 
probably will cause personnel, which are located in the open, to be thrown off balance. 

Structures can be designed to control the build-up of internal pressure, however, jetting 
effect produced by pressure passing through an opening can result in amplification of 
the pressures at the interior side of the opening. The magnitude of this increased 
pressure can be several times as large as the maximum average pressure acting on the 
interior of the structure during the passage of the shock wave. Therefore, openings 
where jetting will occur should not be directed into areas where personnel and valuable 
equipment will be situated. 

1-11.2 Structural Motion. 

It is necessary that human tolerance to two types of shock exposure be considered: 

1. Impacts causing body acceleration/deceleration, and 

2. Body vibration as a result of the vibratory motion of the structure. 

If a subject is not attached to the structure, he may be vulnerable to impact resulting 
from collision with the floor due to the structure dropping out beneath him and/or the 
structure rebounding upward towards him. However, the more plausible means of 
impact injury results from the subject being thrown off balance because of the horizontal 
motions of the structure, causing him to be thrown bodily against other persons, 
equipment, walls and other hard surfaces. 

Studies have indicated that a probable safe impact tolerance velocity is 10 fps. At 18 fps 
there is a 50 percent probability of skull fracture and at 23 fps, the probability is nearly 
100 percent. This applies to impact with hard, flat surfaces in various body postures. 
However, if the line of thrust for head impact with a hard surface is directly along the 
longitudinal axis of the body (a subject falling head first), the above velocity tolerance 
does not apply since the head would receive the total kinetic energy of the entire body 
mass. Impacts with corners or edges are also extremely critical even at velocities less 
than 10 fps. An impact velocity of 10 fps is considered to be generally safe for personnel 
who are in a fairly rigid posture; therefore, greater impact velocities can be tolerated if 
the body is in a more flexible position or if the area of impact is large. 
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The effect of horizontal motion on the stability of personnel (throwing them off balance 
or hurling them laterally) depends on the body stance and position, the acceleration 
intensity and duration, and the rate of onset of the acceleration. An investigation of data 
concerning sudden stops in automobiles and passenger trains indicates that personnel 
can sustain horizontal accelerations less than 0.44g without being thrown off balance. 
These accelerations have durations of several seconds; hence, the accelerations 
considered in this manual required to throw personnel off balance are probably greater 
because of their shorter durations. Therefore, the tolerable horizontal acceleration of 
0.50g required to provide protection against ground-shock effects resulting from nuclear 
detonations should be safe for non-restrained personnel (standing, sitting, or reclining). 

If the vertical downward acceleration of the structure is greater than 1g, relative 
movement between the subject and the structure is produced. As the structure drops 
beneath him, the subject begins to fall until such time that the structure slows down and 
the free falling subject overtakes and impacts with the structure. The impact velocity is 
equal to the relative velocity between the structure and the subject at the time of impact, 
and to assure safety, it should not exceed 10 fps. 

To illustrate this vertical impact, a body which free falls for a distance equal to 1.5 feet 
has a terminal or impact velocity of approximately 10 fps against another stationary 
body. If the impacted body has a downward velocity of 2 fps at the time of impact, then 
the impact velocity between the two bodies would be 8 fps. 

Based on the available personnel vibration data, the following vibrational tolerances for 
restrained personnel are considered acceptable: 2g for less than 10 Hz, 5g for 10-20 
Hz, 7g for 20-40 Hz, and 10g above 40 Hz. However, the use of acceleration tolerances 
greater than 2g usually requires restraining devices too elaborate for most explosive 
manufacturing and testing facilities. 

1-11.3 Fragments. 

Overall, human tolerance to fragment impact is very low; however, certain protection 
can be provided with shelter type structures. Fragments can be classified based on their 
size, velocity, material and source, i.e.: 

1. Primary fragments, which are small, high-speed missiles usually formed from 
casing and/or equipment located immediately adjacent to the explosion, and 

2. Secondary fragments, which are generated from the breakup of the donor 
building, equipment contained within the donor structure and/or acceptor 
buildings which are severely damaged by an explosion. 

Discussion of human tolerance of both of these types of fragment overlap, since the 
basic differences between these fragments are their size and velocity. Impact of primary 
fragments can be related to an impact by bullets where the fragment is generally small, 
usually of metal and traveling at high velocities. A great deal of research has been 
conducted for the military; however, most of the data from these tests is not available. 
Some fragment-velocity penetration data of humans has been developed for fragment 
weights equal to or less than 0.033 pounds, and indicates that, as the ratio of the 
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fragment area to weight increases, the velocity which corresponds to a 50 percent 
probability of penetrating human skin will increase. This trend is illustrated in Table 1-2 
where the increase in velocity coincides with the increase of area of the fragment. 

Secondary fragments, because they have a large mass, will cause more serious injuries 
at velocities significantly less than caused by primary fragments. Table 1-3 indicates the 
velocity which corresponds to the threshold of serious human injury. As mentioned in 
Section 1-11.2 above, the impact of a relatively large mass with a velocity less than 10 
fps against a human can result in serious bodily injury. Also, the impact of smaller 
masses (Table 1-3) with higher velocities can result in injuries as severe as those 
produced by larger masses. See applicable Safety Manual for fragment criteria. 

1-12 EQUIPMENT TOLERANCE. 
1-12.1 Blast Pressures. 

Unless the equipment is of the heavy-duty type (motor, generators, air handlers, etc.), 
equipment to be protected from blast pressures must be housed in shelter-type 
structures similar to those required for the protection of personnel. Under these 
circumstances, the equipment will be subjected to blast pressures which are permitted 
to leak into the shelter through small openings. If the magnitude of these leakage 
pressures is minimized to a level consistent with that required for personnel protection, 
then in most cases protection from the direct effects of the pressures is afforded to the 
equipment. However, in some instances, damage to the equipment supports may occur 
which, in turn, can result in damage to the equipment as a result of falling. Also, if the 
equipment is located immediately adjacent to the shelter openings, the jetting effects of 
the pressures entering the structure can have adverse effects on the equipment. In 
general, equipment should be positioned away from openings and securely supported. 
However, in some cases, equipment such as air handling units must be positioned close 
to the exterior openings. In this event, the equipment must be strong enough to sustain 
the leakage pressures (pressures leaking in or out of openings) or protective units such 
as blast valves must be installed. 

1-12.2 Structural Motion and Shock. 

Damage to equipment can result in failures which can be divided into two classes; 
temporary and permanent. Temporary failures, often called "malfunctions," are 
characterized by temporary disruption of normal operation, whereas permanent failures 
are associated with breakage, resulting in damage so severe that the ability of the 
equipment to perform its intended function is impaired permanently or at least over a 
period of time. 

The capacity of an item of equipment to withstand shock and vibration is conventionally 
expressed in terms of its "fragility level" which is defined as the magnitude of shock 
(acceleration) that the equipment can tolerate and still remain operational. The fragility 
level for a particular equipment item is dependent upon the strength of the item (frame, 
housing, and components) and, to some extent, the nature of the excitation to which it is 
subjected. An equipment item may sustain a single peak acceleration due to a transient 
input load, but may fail under a vibration-type input having the same peak acceleration 
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amplitude. Also the effects of the occurrence of resonance may be detrimental to the 
item functioning. For these reasons, fragility data should be considered in connection 
with such factors as the natural frequencies and damping characteristics of the 
equipment and its components, as well as the characteristics of the input used to 
determine the tolerance as compared to the motion of the structure which will house the 
equipment. 

The maximum shock tolerances for equipment vary considerably more than those for 
personnel. To establish the maximum shock tolerance for a particular item, it is 
necessary to perform tests and/or analyses. Only selected items of equipment have 
been tested to determine shock tolerances applicable for protection from the damage 
which may be caused by structural motions. 

Most of this data resulted from tests to sustain ground-shock motions due to a nuclear 
environment, which will have a duration considerably longer than that associated with a 
HE (high explosive) explosion. However, the data which are available concerning shock 
effects indicate strength and ruggedness or sensitivity of equipment. These data, which 
are based primarily on transportation and conventional operational shock requirements, 
indicate that most commercially available mechanical and electrical equipment are able 
to sustain at least 3g's, while fragile equipment (such as electronic components) can 
sustain approximately 1.5g's. 

The above tolerances are safe values, and actual tolerances are, in many cases, higher 
than 3g's, as indicated in Table 1-4. However, the use of such acceleration values for 
particular equipment require verification by shock testing with the induced motions 
(input) consistent with expected structural motions. 

The above tolerances are applicable to equipment which is mounted directly to the 
sheltering structure. For the equipment to sustain shock accelerations in the order of 
magnitude of their tolerances, the equipment item must be "tied" down to the structure, 
that is, the equipment stays attached to the structure and does not impact due to its 
separation. In most cases, shock isolation systems will be needed to protect the 
equipment items. The shock isolation systems will consist of platforms which are 
supported by a spring assembly for large motion and/or cushioning material when the 
motions are small. These systems should be designed to attenuate the input 
accelerations to less than 1g in order that separation between the equipment and 
support system does not occur. If the spring systems are designed to be "soft" (less 
than 1/2 g) then, depending on the mass of the equipment, vibratory action of the 
system could occur due to individuals walking on the platforms. 

1-12.3 Fragments. 

Susceptibility of an item of equipment to damage from fragment impact depends upon 
the ruggedness of its components, its container, if any, and upon the size and velocity 
of the fragment at the time of impact. 

Some heavy equipment (motors, generators, etc.) may sustain malfunctions as a result 
of the severing of electrical or mechanical connections, but seldom are destroyed by the 
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impact of primary fragments. On the other hand, this heavy equipment can be rendered 
useless by secondary fragment impact. Fragile equipment (electronic equipment, etc.) 
will generally be inoperable after the impact of either primary or secondary fragments. 
The impact force and penetration capability of light fragments may perforate sensitive 
portions of heavy equipment (fuel tank or generators, etc.). Low-velocity light fragments 
seldom result in severe damage. These fragments usually ricochet beyond the 
equipment unless the component part of the equipment it strikes is glass or other fragile 
material, in which case, some damage may be inflicted. 

Although the damage to the equipment of a structure can be great as a result of falling 
or flying debris, the increased cost of strengthening walls and other portions of the 
protective shelter is usually not warranted unless personnel or acceptor charge 
protection is also required and/or the cost of the equipment item lost exceeds the 
increased construction costs. Even in this latter situation, a probability analysis of the 
occurrence of an incident should be made prior to incurring additional construction 
costs. 

1-13 TOLERANCE OF EXPLOSIVES. 
1-13.1 General. 

The tolerances of explosives to blast pressure, structural motion, and impact by 
fragments differ for each type of explosive material and/or item. Generally, fragment 
impact is the predominant cause of detonation propagation. 

1-13.2 Blast Pressures. 

Except in regions of extremely high pressure, most explosive materials are insensitive 
to the effects of blast pressures. In many instances, however, the secondary effects, 
such as dislodgement of the explosive from its support and propulsion of the explosive 
against hard surfaces, can result in a possible detonation depending upon the tolerance 
of the explosive to impact. Results of several different types of sensitivity tests (drop 
test, card gap tests, friction tests, etc.) are presently available which will aid in the 
establishment of the tolerances of most explosive materials to impact. 

1-13.3 Structural Motions. 

Structural motion effects on explosives are similar to the impact effects produced by 
blast pressures. The movement of the structure tends to dislodge the explosive from its 
support, resulting in an impact of the explosive with the floor or other parts of the 
structure. The distance the explosive falls and its sensitivity to impact and friction 
determine whether or not propagation occurs. 

1-13.4 Fragments. 

Although blast pressures and structural motions can produce explosive propagation, the 
main source of communication of explosions is by fragments, principally primary 
fragments from the breakup of the donor charge casing, fragments produced by the 
fracture of equipment close to the explosion, disengagement of interior portions of the 
structure, and/or failure of the structure proper. 
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In recent years, an extensive test program has been performed which has provided a 
significant amount of information regarding explosive propagation by primary fragment 
impact. This program was conducted primarily to determine safe separation criteria for 
bulk explosives and munitions, mainly for the design and operation of conveyance 
systems. The individual test programs were predicated upon given manufacturing 
operations where improved safety criteria would lessen the probability of a catastrophic 
event. Individual test programs were performed in two stages, exploratory and 
confirmatory, where the safe separation was determined during the exploratory phase 
and confirmation was established on a 95 percent confidence level.  

A typical test set-up is illustrated in Figure 1-4, while the results of the various test 
programs are listed in Table 1-5 for bulk explosives and in Table 1-6 for munitions. 
These Tables list the bulk explosives and munition types, the configurations examined 
and the established safe separation distances. For all items/configurations examined, 
unless specified, the test conditions were: 1) in free air (without tunnels), 2) open 
spaced (no shields), 3) in a vertical orientation, and 4) measured edge-to-edge. 
Inspection of Tables 1-5 and 1-6 reveal that minimum safe separation distances have 
not been established for some of the items listed. If specific safe separation distances 
are required, as will be for other items not listed, further tests will be required. A detailed 
compilation of the items and test procedures and methods are listed in the bibliography. 

Several testing methods have been developed to determine the sensitivity of explosives 
to impact by secondary fragments. In one series of tests which utilized a catapult 
method for propelling approximately 70 pounds of concrete fragments, sand and gravel 
rubble, against lightly cased Composition B acceptor explosives indicated a boundary 
velocity on the order of approximately 400 fps. A second series of tests, which propelled 
concrete fragments as large as 1000 pounds against 155 mm projectiles (thick steel 
wall projectile), indicated that the projectile would not detonate with striking velocities of 
500 fps. This latter test series also included acceptor items consisting of 155 projectiles 
with thin wall riser funnels, which detonated upon impact with the concrete. Another 
series of fragment testing included the propelling of large concrete fragments against 
thin wall containers with molten explosive simulating typical melt-pour kettles in a 
loading plant. In all cases, the contents of the simulated kettle detonated. Although the 
results of these test series indicated that thick wall containers of explosive will prevent 
propagation, while thin wall containers will not, the number of tests performed in each 
series was relatively few. Additional tests are required to determine the extent that the 
variation of container thickness has on the magnitude of the mass/velocity boundary 
established to date. 
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Figure 1-2 Survival Curves for Lung Damage, Wh = Weight of human being (lbs) 
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Figure 1-3 Human Ear Damage Due to Blast Pressure 
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Figure 1-4 Example of Safe Separation Tests 

 
 

Figure 1-5 Safe Separation Test Shields 
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Table 1-1 Blast Effects In Man Applicable To Fast-Rising Air Blasts Of Short 
Duration (3-5 ms) 

Critical Organ or 
Event 

Maximum Effective Pressure 
(psi)* 

Eardrum Rupture 

Threshold 5 

50 percent 15 

Lung Damage 

Threshold 30-40 

50 percent 80 and above 

Lethality 

Threshold 100-120 

50 percent 130-180 

Near 100 percent 200-250 

* Maximum effective pressure is the highest of incident pressure, incident pressure plus 
dynamic pressure, or reflected pressure. 

 

Table 1-2 50 Percent Probability Of Penetrating Human Skin 

Ratio of 
Fragment 

area/weight 
(ft2/lb) 

Fragment Area Based on 
0.033 lb. fragment weight 

(ft2) 
Velocity 

(fps) 
Threshold

Energy 
(ft-lb) 

0.03 0.00099 100 5 
0.10 0.00330 165 14 
0.20 0.00660 250 32 
0.30 0.00990 335 58 
0.40 0.01320 425 93 
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Table 1-3 Threshold Of Serious Injury To Personnel Due To Fragment Impact 

Critical Organ Weight (lbs) Fragment 
Velocity (fps) 

Energy 
(ft-lb) 

Thorax 

>2.5 10 4 

0.1 80 10 

0.001 400 2.5 

Abdomen and limbs 

>6.0 10 9 

0.1 75 9 

0.001 550 5 

Head 

>8.0 10 12 

0.1 100 16 

0.001 450 3 

 

Table 1-4 Examples Of Equipment Shock Tolerances 

Equipment Peak 
Accelerations 

Fluorescent light fixtures (with lamps) 20 to 30g 

Heavy machinery (motor, generators, 
transformers, etc. > 4,000 lbs.) 10 to 30g 

Medium-weight machinery (pumps, 
condensers, 
AC equipment, 1,000 to 4,000 lbs.) 

15 to 45g 

Light machinery (small motors <1,000 lbs.) 30 to 70g 
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Table 1-5 Safe Separation Distance (Bulk Explosives) 

Bulk Explosive Explosive Weight 
(lbs) Test Configuration Safe 

Separation (ft) 

Composition A-5 10 Rubber buckets in tunnel 6.0 
15 Aluminum buckets in tunnel 20.0 

Composition B  Flake, depth on 15 inch Serpentix 
conveyor 0.17* 

2.5 Riser scrap, 2 pieces 1.5 
2.5 Riser scrap, 4 pieces 3.0 
2.5 Riser scrap, 2 pieces within funnels 2.0 
2.5 Riser scrap, 4 pieces within funnels 3.0 
60 Cardboard container in tunnel 12.0 
60 Plastic buckets 12.0† 

Composition C-4 35 Aluminum buckets in tunnel 20.0† 
50 Aluminum buckets in tunnel 25.0† 

Cyclotol (75/25) 60 Aluminum box in tunnel & 0.38-in 
Kevlar shield 24.0 

60 Cardboard box in tunnel. 18.0 
Guanidine Nitrate 20 DOT-21C-60 Containers with tops on 3.8 

40 DOT-21C-60 Containers with tops on 4.8 
80 DOT-21C-60 Containers with tops on 5.5 

Nitro-Guanidine 
(Powder) 

25 DOT-21C-60 Containers with tops on 5.5 
50 DOT-21C-60 Containers with tops on 7.0 
450 DOT-21C-60 Containers with tops on 16.0 

TNT, Type 1 Flake  Depth on 2-foot Serpentix conveyor 0.08* 
55 Cardbo ard box 12.0 

168 Aluminum tote bin, w/steel fiberglass in 
tunnel 60.0 

168 Aluminum tote bin in wooden tunnel 50.0 

 
  

                                                      
* Depth of material at which propagation is prevented is less than or equal to the value 

shown. 
† Minimum distance tested. Actual safe separation distance less than or equal to that 

indicated. Further tests required to establish minimum safe separation distance. 
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 Table 1-6 Safe Separation Distance (Munitions) 

Munition Test Configuration Safe Separation 
(ft) 

8-inch M106 HE 
Projectile 

Single round with 3-inch diameter aluminum bar shield 1.0 

8 inch M509 HE 
Projectile 

Single round with "VEE" shield (Figure 1-5a) 2.7 

155 mm M107 HE 
Projectile 

Single round with one-inch thick aluminum or 1/2-inch thick 
steel plate shield 

1.5 

24 per pallet 110.0 
155 mm M483 HE 
Projectile 

Single round with MS shield (Figure 1-5b) 0 

155 mm M795 HE 
Projectile  
(TNT, TYPE 1) 

Single round 15.0 

105 mm M1 HE 
Projectile 

16 per pallet 30.0 
16 per pallet, with funnel and 3/4-inch thick steel plate shield 20.0 

105 mm M456 
HEAT-T Projectile 

Primed cartridge cases 0 
Single round with 3-inch diameter aluminum bar shield 1.6 
Single round, horizontal with 3-inch diameter aluminum bar 
shield 

0.91 

81 mm M374A2E1 
HE Cartridge 

Single round with 1/4-inch thick Lexan plate extension to 2-
inch thick aluminum brick shield

0.73* 

81mm M374 HE 
Projectile 

Single round 2.0 
Single round with 2-inch thick aluminum brick shield 0.73* 
72 per pallet 30.0 

30 mm XM789 
HEDP Projectile 

2 each. PBXN-5 pellets 0.08 
Shell body with 2 pellets 0.08 
Loaded body assembly 0.08 
Heated loaded body assembly 0.25 
Fuzed projectile 0.25 

25 mm XM792 
HEI-T Cartridge 

Type I pellets 0.08 
Type II pellets 0.04 
Loaded body assembly 0.17 
Fuzed projectile 0.17 
Complete cartridge 0.17 

BLU-63 A/B 
Bomblet 

Hemispheres 0.04 
Hemispheres in fixtures 0 
Hemispheres, 16 per tray 0 
Bomblet 0.17 

 
  

                                                      
* Minimum distance tested. Actual safe separation distance less than or equal to that 

indicated. Further tests required to establish minimum safe separation distance.   
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Table 1-6 Safe Separation Distance (Munitions), Continued 

Munition Test Configuration Safe Separation 
(ft) 

BLU-97/B 
Submunition 

16 per pallet with 1/2-inch thick aluminum plate shield 4.0 
16 per pallet with "airflow" shield (1/2-inch thick aluminum 
plates, cut in open "picket fence" design with one plate's 
spaces covered by the second plate's columns). 

5.0 

Single bomblet with either 100% or 75% shield (1/2-inch 
thick aluminum plate).

0.75 

M42/M46 GP 
Grenades 
(w/o fuzes) 

Single grenade 0.17 
64 per tray 7.0 
768 per carrier, in tunnel 40.0 
8 per M483 Ring Pack 1.0 
15 per M509 Ring Pack 1.5 
32/64 per single/dual cluster tray 0 

M56 Mine Single mine 0.50* 
2-mine canister 0.50* 

M74AP and M75 
ATAV mines  
(w/o fuzes) 

Single mine with 3-inch thick aluminum brick shield 0.25 

 

  

                                                      
* Minimum distance tested. Actual safe separation distance less than or equal to that 

indicated. Further tests required to establish minimum safe separation distance.   
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BASIS FOR STRUCTURAL DESIGN 

1-14 STRUCTURAL RESPONSE. 
1-14.1 General. 

Dynamic response criteria to be used in the design of a protective structure and its 
elements depend on:  (1) the properties (type, weight, shape, casing, etc.) and location 
of the donor explosive, (2) the sensitivity (tolerance) of the acceptor system, and (3) the 
physical properties and configuration of the protective structure. In many situations, the 
acceptor system will control the overall required structural response. 

1-14.2 Pressure Design Ranges. 
1-14.2.1 General. 

An engineering analysis of the blast pressure and fragments associated with high 
explosive detonations acting on protective structures must be made to describe the 
response of the protective structures to donor output. The response to the blast output 
is expressed in terms of design ranges according to the pressure intensity, namely, (1) 
high pressure, and (2) low pressure. As subsequently shown, these design ranges are 
related to the relative location of the protective structure to the explosion. 

1-14.2.2 High-Pressure Design Range. 

At the high-pressure design range, the initial pressures acting on the protective 
structure are extremely high and further amplified by their reflections on the structure. 
Also the durations of the applied loads are short, particularly where complete venting of 
the explosion products of the detonation occurs. These durations are also short in 
comparison to the response time (time to reach maximum deflection) of the individual 
elements of the structures. Therefore, structures subjected to blast effects in the high-
pressure range can, in certain cases, be designed for the impulse (area under the 
pressure-time curve, Chapter 2) rather than the peak pressure associated with longer 
duration blast pressures. If the acceptor system is comprised exclusively of explosives, 
the protective donor structure may be permitted to exceed incipient failure and produce 
"post failure" fragments provided that the fragment velocities are less than that which 
will initiate detonation of acceptor charges. This latter range of response is referred to 
as the "brittle mode of failure." 

In the event personnel and/or expensive equipment is being protected or where 
containment type structures are providing the protection, then incipient failure design is 
not permitted. Here, the effects of the high pressure and the long duration pressures 
associated with contained products of the explosion must be accounted for in 
determining the protective structure response. 

Fragments associated with the high-pressure range usually consist of high velocity 
missiles associated with casing breakup or acceleration of equipment positioned close 
to the explosion. For acceptors containing explosives, the velocities of primary 
fragments which penetrate the protective structure must be reduced to a level below the 
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velocity which will cause detonation of the acceptor charges. For personnel or 
expensive equipment, the possibility of fragment impact on the acceptor must be 
completely eliminated. Also associated with the "close-in" effects of a high-pressure 
design range are the possible occurrence of spalling of concrete elements. Spalling is 
generally associated with the disengagement of the concrete cover over reinforcement 
at the acceptor side of a protective element. Spalling can be a hazard to personnel and 
sometimes to equipment but seldom will result in propagation of explosion of an 
acceptor system. 

1-14.2.3 Low-Pressure Design Range. 

Structures subjected to blast pressures associated with the low-pressure range sustain 
peak pressures of smaller intensity than those associated with the high-pressure range. 
However, the duration of the load can even exceed the response time of the structure. 
Structural elements designed for the low-pressure range depend on both pressure and 
impulse. 

In cases where the peak pressure is relatively low and the explosive charge is very 
large (several hundred thousand pounds of explosive) the duration of blast pressures 
will be extremely long in comparison to those of smaller explosive weights. Here the 
structure responds primarily to the peak pressure in a manner similar to those structures 
designed to resist the effects of nuclear detonations. This latter case, although seldom 
encountered, is sometimes referred to as the "very low-pressure range." 

Since the low-pressure design range is involved in the design of shelter type structures, 
donor fragmentation is of concern. Secondary fragments formed from the break-up of 
donor structures can produce minor damage to a shelter. These fragments generally 
have a large mass but their velocities are generally much less than those of primary 
fragments. 

1-14.3 Analyzing Blast Environment. 

Although each design pressure range is distinct, no clear-cut divisions between the 
ranges exist; therefore, each protective structure must be analyzed to determine its 
response. 

Structural response depends on design and load. Three possible designs, resulting in 
three distinct resistance-time responses are illustrated in Figure 1-6.Curve A represents 
the resistance-time function of an element which responds to the impulse; the time to 
reach maximum deflection is very long in comparison to the load duration. The low-
pressure range is represented by Curve B where the element's response depends on 
both pressure and impulse. Here and dependent on design, the response time of an 
element can be less than, equal to, or greater than the load duration (Figure 1-6). Curve 
C illustrates the very low-pressure design range where the element responds to 
pressure. The required peak resistance is in the order of magnitude of the peak 
pressure, while the duration of the load is extremely long compared to the time to reach 
maximum deflection. Although the required maximum resistance will vary in comparison 
to the peak pressure, the variation will be slight and, in general, the required maximum 
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resistance of an element to resist long duration loads will be only slightly larger (5 to 10 
percent) than the peak pressure. 

Figure 1-7 indicates semi-quantitatively the parameters which define the design ranges 
(including the very low range) of an element, along with the approximate relationship 
between the time to reach maximum deflection and the load duration. 

It was indicated earlier that the design range of an element is related to the location of 
the element relative to the explosion. For the quantity of explosives considered in this 
manual, an element designed for the high-pressure range is usually situated 
immediately adjacent to the explosion, and its exposed surfaces facing the explosion 
are oriented normal or nearly normal to the propagation of the initial pressure wave 
(Figure 1-8, Cases I through IV). On the other hand, elements which are located close 
to the explosion and are positioned parallel to the path of the wave propagation may 
respond to the blast effects associated with the low pressure design range. Elements 
located close to a detonation seldom respond solely to a peak pressure. 

Certain elements of a protective structure located a distance from the explosion may 
respond to the impulse (high-pressure range) even though they are located at the low-
pressure range while other structures located near the explosion will respond to the low-
pressure design range. In the former case, the structure will not contain personnel or 
expensive equipment and will primarily serve as a barrier structure. In the latter case, 
the structure will serve as a shelter (Case I, Figure 1-8). 
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Figure 1-6 Variation of Structural Response and Blast Loads 
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Figure 1-7 Parameters Defining Pressure Design Ranges 
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Figure 1-8 Design Ranges Corresponding to Location of the Structural 
Elements Relative to an Explosion 
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APPENDIX 1A  LIST OF SYMBOLS 

g acceleration due to gravity (ft/sec2) 

i unit positive impulse (psi-ms) 

si  unit scaled impulse for use in Figure 1-2 (psi-ms/lb1/3) 

p pressure (psi) 

tm time at which maximum deflection occurs (ms) 

to duration of positive phase of blast pressure (ms) 

V volume of containment structure (ft3) 

wh weight of human being (lbs) 

W charge weight (lbs) 
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CHAPTER 5 STRUCTURAL STEEL DESIGN 

INTRODUCTION 

5-1 PURPOSE. 

The purpose of this manual is to present methods of design for protective construction 
used in facilities for development, testing, production, storage, maintenance, 
modification, inspection, demilitarization, and disposal of explosive materials. 

5-2 OBJECTIVE. 

The primary objectives are to establish design procedures and construction techniques 
whereby propagation of explosion (from one structure or part of a structure to another) 
or mass detonation can be prevented and to provide protection for personnel and 
valuable equipment. 

The secondary objectives are to: 

(1) Establish the blast load parameters required for design of protective 
structures. 

(2) Provide methods for calculating the dynamic response of structural elements 
including reinforced concrete, and structural steel. 

(3) Establish construction details and procedures necessary to afford the 
required strength to resist the applied blast loads. 

(4) Establish guidelines for siting explosive facilities to obtain maximum cost 
effectiveness in both the planning and structural arrangements, providing 
closures, and preventing damage to interior portions of structures because of 
structural motion, shock, and fragment perforation. 

5-3 BACKGROUND. 

For the first 60 years of the 20th century, criteria and methods based upon results of 
catastrophic events were used for the design of explosive facilities. The criteria and 
methods did not include a detailed or reliable quantitative basis for assessing the 
degree of protection afforded by the protective facility. In the late 1960's quantitative 
procedures were set forth in the first edition of the present manual, "Structures to Resist 
the Effects of Accidental Explosions." This manual was based on extensive research 
and development programs which permitted a more reliable approach to current and 
future design requirements. Since the original publication of this manual, more 
extensive testing and development programs have taken place. This additional research 
included work with materials other than reinforced concrete which was the principal 
construction material referenced in the initial version of the manual. 
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Modern methods for the manufacture and storage of explosive materials, which include 
many exotic chemicals, fuels, and propellants, require less space for a given quantity of 
explosive material than was previously needed. Such concentration of explosives 
increases the possibility of the propagation of accidental explosions. (One accidental 
explosion causing the detonation of other explosive materials.) It is evident that a 
requirement for more accurate design techniques is essential. This manual describes 
rational design methods to provide the required structural protection. 

These design methods account for the close-in effects of a detonation including the high 
pressures and the nonuniformity of blast loading on protective structures or barriers. 
These methods also account for intermediate and far-range effects for the design of 
structures located away from the explosion. The dynamic response of structures, 
constructed of various materials, or combination of materials, can be calculated, and 
details are given to provide the strength and ductility required by the design. The design 
approach is directed primarily toward protective structures subjected to the effects of a  
high explosive detonation. However, this approach is general, and it is applicable to the 
design of other explosive environments as well as other explosive materials as 
mentioned above. 

The design techniques set forth in this manual are based upon the results of numerous 
full- and small-scale structural response and explosive effects tests of various materials 
conducted in conjunction with the development of this manual and/or related projects. 

5-4 SCOPE. 

It is not the intent of this manual to establish safety criteria. Applicable documents 
should be consulted for this purpose. Response predictions for personnel and 
equipment are included for information. 

In this manual an effort is made to cover the more probable design situations. However, 
sufficient general information on protective design techniques has been included in 
order that application of the basic theory can be made to situations other than those 
which were fully considered. 

This manual is applicable to the design of protective structures subjected to the effects 
associated with high explosive detonations. For these design situations, the manual will 
apply for explosive quantities less than 25,000 pounds for close-in effects. However, 
this manual is also applicable to other situations such as far- or intermediate-range 
effects. For these latter cases the design procedures are applicable for explosive 
quantities in the order of 500,000 pounds which is the maximum quantity of high 
explosive approved for aboveground storage facilities in the Department of Defense 
manual, "DoD Ammunition and Explosives Safety Standards," DOD 6055.9-STD. Since 
tests were primarily directed toward the response of structural steel and reinforced 
concrete elements to blast overpressures, this manual concentrates on design 
procedures and techniques for these materials. However, this does not imply that 
concrete and steel are the only useful materials for protective construction. Tests to 
establish the response of wood, brick blocks, and plastics, as well as the blast 
attenuating and mass effects of soil are contemplated. The results of these tests may 
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require, at a later date, the supplementation of these design methods for these and 
other materials. 

Other manuals are available to design protective structures against the effects of high 
explosive or nuclear detonations. The procedures in these manuals will quite often 
complement this manual and should be consulted for specific applications. 

Computer programs, which are consistent with procedures and techniques contained in 
the manual, have been approved by the appropriate representative of the US Army, the 
US Navy, the US Air Force and the Department of Defense Explosives Safety Board 
(DDESB). These programs are available through the following repositories: 

(1) Department of the Army 
Commander and Director 
U.S. Army Engineer Research and Development Center 
Post Office Box 631 
Vicksburg, Mississippi 39180-0631 
Attn:  WESKA 

(2) Department of the Navy 
Commanding Officer 
Naval Facilities Engineering Service Center 
Port Hueneme, California 93043 
Attn:  Code OP62 

(3) Department of the Air Force 
Aerospace Structures 
Information and Analysis Center 
Wright Patterson Air Force Base 
Ohio 45433 
Attn:  AFFDL/FBR 

 If any modifications to these programs are required, they will be submitted  for review 
by DDESB and the above services. Upon concurrence of the revisions, the necessary 
changes will be made and notification of the changes will be made by the individual 
repositories. 

5-5 FORMAT. 

This manual is subdivided into six specific chapters dealing with various aspects of 
design. The titles of these chapters are as follows: 

Chapter 1 Introduction 

Chapter 2 Blast, Fragment, and Shock Loads 

Chapter 3 Principles of Dynamic Analysis 

Chapter 4 Reinforced Concrete Design 

Chapter 5 Structural Steel Design 
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Chapter 6 Special Considerations in Explosive Facility Design 

When applicable, illustrative examples are included in the Appendices. 

Commonly accepted symbols are used as much as possible. However, protective 
design involves many different scientific and engineering fields, and, therefore, no 
attempt is made to standardize completely all the symbols used. Each symbol is defined 
where it is first used, and in the list of symbols at the end of each chapter. 

CHAPTER CONTENTS 

5-6 GENERAL. 

This chapter contains procedures and guidelines for the design of blast-resistant steel 
structures and steel elements. Light construction and steel framed acceptor structures 
provide an adequate form of protection in a pressure range of 10 psi or less. However, if 
fragments are present, light-gage construction may only be partially appropriate. The 
use of structural steel frames in combination with precast concrete roof and wall panels 
(Chapter 6) will provide a measure of fragment protection at lower pressure ranges. 
Containment structures or steel elements of containment structures, such as blast 
doors, ventilation closures, fragments shields, etc. can be designed for almost any 
pressure range. This chapter covers detailed procedures and design techniques for the 
blast-resistant design of steel elements and structures subjected to short-duration, high-
intensity blast loading. Provisions for inelastic, blast-resistant design will be consistent 
with conventional static plastic design procedures. Steel elements such as beams, 
beam columns, open-web joists, plates and cold-formed steel panels are considered. In 
addition, the design of steel structures such as rigid frames, and braced frames are 
presented as they relate to blast-resistant design. Special considerations for blast 
doors, penetration of fragments into steel, and unsymmetrical bending are also 
presented. 

STEEL STRUCTURES IN PROTECTIVE DESIGN 

5-7 DIFFERENCES BETWEEN STEEL AND CONCRETE STRUCTURES IN 
PROTECTIVE DESIGN  

Qualitative differences between steel and concrete protective structures are 
summarized below: 

(1) In close-in high-impulse design situations where a containment structure is 
utilized, a massive reinforced concrete structure, rather than a steel structure, 
is generally employed in order to limit deflections and to offer protection 
against the effects of primary and secondary fragments. However, elements 
of containment structures such as blast doors, ventilation closures, etc., are 
generally designed using structural steel. Fragment protection is usually 
accomplished by increasing the element thickness to resist fragment 
penetration or by providing supplementary fragment protection. In some 
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cases, structural steel can be used in the design of containment cells. 
However, explosive charge weights are generally low; thereby preventing 
brittle modes of failure (Section 5-18.3) due to high pressure intensity. 

(2) Structural steel shapes are considerably more slender, both in terms of the 
overall structure and the components of a typical member cross section. As a 
result, the effect of overall and local instability upon the ultimate capacity is an 
important consideration in steel design. Moreover, in most cases, plate 
elements and structures will sustain large deformations in comparison to 
those of more rigid concrete elements. 

(3) The amount of rebound in concrete structures is considerably reduced by 
internal damping (cracking) and is essentially eliminated in cases where large 
deformations or incipient failure are permitted to occur. In structural steel, 
however, a larger response in rebound, up to 100 percent, can be obtained 
for a combination of short duration load and a relatively flexible element. As a 
result, steel structures require that special provisions be made to account for 
extreme responses of comparable magnitude in both directions. 

(4) The treatment of stress interaction is more of a consideration in steel shapes 
since each element of the cross section must be considered subject to a state 
of combined stresses. In reinforced concrete, the provision of separate steel 
reinforcement for flexure, shear and torsion enables the designer to consider 
these stresses as being carried by more or less independent systems. 

(5) Special care must be taken in steel design to provide for connection integrity 
up to the point of maximum response. For example, in order to avoid 
premature brittle fracture in welded connections, the welding characteristics of 
the particular grade of steel must be considered and the introduction of any 
stress concentrations at joints and notches in main elements must be 
avoided. 

(6) If fragments are involved, special care must be given to brittle modes of 
failure as they affect construction methods. For example, fragment 
penetration depth may govern the thickness of a steel plate. 

5-8 ECONOMY OF DESIGN OF PROTECTIVE STRUCTURES IN THE 
INELASTIC RANGE.  

The economy of facility design generally requires that blast-resistant structures be 
designed to perform in the inelastic response range during an accident. In order to 
ensure the structure's integrity throughout such severe conditions, the facility designer 
must be cognizant of the various possible failure modes and their inter-relationships. 
The limiting design values are dictated by the attainment of inelastic deflections and 
rotations without complete collapse. The amount of inelastic deformation is dependent 
not only upon the ductility characteristics of the material, but also upon the intended use 
of the structure following an accident as well as the protection required. In order for the 
structure to maintain such large deformations, steps must be taken to prevent 
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premature failure by either brittle fracture or instability (local or overall). Guidelines and 
criteria for dealing with these effects are presented in the body of this chapter. 

5-9 APPLICATIONS OF STEEL ELEMENTS AND STRUCTURES IN 
PROTECTIVE DESIGN. 

The design procedures and applications of this chapter are directed toward steel 
acceptor- and donor-type structures. 

Acceptor-type structures are removed from the immediate vicinity of the detonation. 
These include typical frame structures with beams, columns and beam-columns 
composed of standard structural shapes, and built-up sections. In many cases, the 
relatively low blast pressures suggest the use of standard building components such as 
open-web joists, prefabricated wall panels and roof decking detailed as required to carry 
the full magnitude of the dynamic loads. Another economical application can be the use 
of entire pre-engineered buildings, strengthened locally, to adapt their designs to low 
blast pressures (up to 2 psi) with short duration. For guidelines on the blast evaluation 
of pre- engineered buildings, see "Special Provisions for Pre-engineered Buildings", 
Chapter 6. 

Donor-type structures, which are located in the immediate vicinity of the detonation may 
include steel containment cells or steel components of reinforced concrete containment 
structures such as blast doors or ventilation and electrical closure plates. In some 
cases, the use of suppressive shielding to control or confine the hazardous blast, 
fragment, and flame effects of detonations may be an economically feasible alternative. 
A brief review of suppressive shield design and criteria is outlined in Section 6-23 to 6-
26 of Chapter 6. The high blast pressures encountered in these structures suggest the 
use of large plates or built-up sections with relatively high resistances. In some 
instances, fragment impact or pressure leakage is permitted. 

5-10 APPLICATION OF DYNAMIC ANALYSIS. 

The first step in a dynamic design entails the development of a trial design considering 
facility requirements, available materials, and economy with members sized by a simple 
preliminary procedure. The next step involves the performance of a dynamic analysis to 
determine the response of the trial design to the blast and the comparison of the 
maximum response with the deformation limits specified in this chapter. The final design 
is then determined by achieving an economical balance between stiffness and 
resistance such that the calculated response under the blast loading lies within the 
limiting values dictated by the operational requirements of the facility. 

The dynamic response calculation involves either a single-degree-of-freedom analysis 
using the response charts in Chapter 3, or, in more complex structures, a multi-degree-
of-freedom analysis using available dynamic elasto-plastic frame programs. 

A single-degree-of-freedom analysis may be performed for the design analysis of either 
a given structural element or of an element for which a preliminary design has been 
performed according to procedures given in this chapter. Since this type of dynamic 
analysis is described fully with accompanying charts and tables in Chapter 3, it will not 
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be duplicated herein. In principle, the structure or structural element is characterized by 
an idealized, bilinear, elasto-plastic resistance function and the loading is treated as an 
idealized triangular (or bilinear) pulse with zero rise time (Chapter 3). Response charts 
are presented in Chapter 3 for determining the ratio of the maximum response to the 
elastic response and the time to reach maximum response for the initial response. The 
equations presented for the dynamic reactions are also applicable to this chapter. 

Multi-degree-of-freedom, nonlinear dynamic analyses of braced, and unbraced rigid 
frames can be performed using programs available through the repositories listed in 
Section 5-4 and through the reports listed in the bibliography at the end of this chapter. 

PROPERTIES OF STRUCTURAL STEEL 

5-11 GENERAL. 

Structural steel is known to be a strong and ductile building material. The significant 
engineering properties of steel are strength expressed in terms of yield stress and 
ultimate tensile strength, ductility expressed in terms of percent elongation at rupture, 
and rigidity expressed in terms of modulus of elasticity. This section covers the 
mechanical properties of structural steel subjected to static loading and dynamic 
loading. Recommended dynamic design stresses for bending and shear are then 
derived. Structural steels that are admissible in plastic design are listed. 

5-12 MECHANICAL PROPERTIES. 
5-12.1 Mechanical Properties Under Static Loading, Static Design Stresses. 

Structural steel generally can be considered as exhibiting a linear stress-strain 
relationship up to the proportional limit, which is either close to or identical to the yield 
point. Beyond the yield point, it can stretch substantially without appreciable increase in 
stress, the amount of elongation reaching 10 to 15 times that needed to reach yield, a 
range that is termed "the yield plateau." Beyond that range, strain hardening occurs, 
i.e., additional elongation is associated with an increase in stress. After reaching a 
maximum nominal stress called "the tensile strength" a drop in the nominal stress 
accompanies further elongation and precedes fracture at an elongation (at rupture) 
amounting to 20 to 30 percent of the specimen's original length (see Figure 5-1). It is 
this ability of structural steel to undergo sizable permanent (plastic) deformations before 
fracturing, i.e., its ductility, that makes steel a construction material with the required 
properties for blast resistant design. 

Some high strength structural steels do not exhibit a sharp, well defined yield plateau, 
but rather show continuous yielding with a curved stress-strain relation. For those 
steels, it is generally accepted to define a quantity analogous to the yield point, called 
"the yield stress". as that stress which would produce a permanent strain of 0.2 percent 
or a total unit elongation of 0.4 to 0.5 percent. Although such steels usually have a 
higher yield stress than those steels which exhibit definite yield and tensile stresses, 
their elongation at rupture is generally smaller. Therefore, they should be used with 
caution when large ductilities are a prerequisite of design. 
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Blast-resistant design is commonly associated with plastic design since protective 
structures are generally designed with the assumption that economy can be achieved 
when plastic deformations are permitted. The steels to be used should at least meet the 
requirements of the American Institute of Steel Construction (AISC) Specification in 
regard to the adequacy for plastic design. 

Since the average yield stress for structural steels having a specified minimum yield 
stress of 50 ksi or less is generally higher than the specified minimum, it is 
recommended that the minimum design yield stress, as specified by the AISC 
specification, be increased by 10 percent. That is, the average yield stress to be used in 
a blast resistant design shall be 1.1 times the minimum yield stress for these steels. 
This increase, which is referred to as the increase factor (a), should not be applied to 
high strength steels since the average increase may be less than 5 percent. 

The minimum yield stress, fy, and the tensile stress, fu, (minimum) for structural steel 
shapes and plates which conform to the American Society for Testing and Materials 
(ASTM) Specification are listed in Table 5-1. All are admissible in plastic design except 
for ASTM A514 which exhibits the smallest reserve in ductility since the minimum 
tensile stress is only 10 percent higher than the minimum yield stress. However, elastic 
dynamic design may require the use of this steel or its boiler plate equivalent, as in 
ASTM A517. 

5-12.2 Mechanical Properties Under Dynamic Loading, Dynamic Increase 
Factors. 

The effects of rapid loading on the mechanical behavior of structural steel have been 
observed and measured in uniaxial tensile stress tests. Under rapidly applied loads, the 
rate of strain increases and this has a marked influence on the mechanical properties of 
structural steel. 

Considering the mechanical properties under static loading as a basis, the effects of 
increasing strain rates are illustrated in Figure 5-1 and can be summarized as follows: 

(1) The yield point increases substantially to the dynamic yield stress value. This 
effect is termed the dynamic increase factor for yield stress. 

(2) The modulus of elasticity in general will remain insensitive to the rate of 
loading. 

(3) The ultimate tensile strength increases slightly. However, the percentage 
increase is less than that for the yield stress. This effect is termed the 
dynamic increase factor for ultimate stress. 

(4) The elongation at rupture either remains unchanged or is slightly reduced due 
to increased strain rate. 

In actual members subjected to blast loading, the dynamic effects resulting from the 
rapid strain rates may be expressed as a function of the time to reach yielding. In this 
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case, the mechanical behavior depends on both the loading regime and the response of 
the system which determines the dynamic effect felt by the particular material. 

For members made of ASTM A36 and A514 steels, studies have been made to deter 
mine the percentage increase in the yield stress as a function of strain rate. Design 
curves for the dynamic increase factors (DIF) for yield stresses of A36 and A514 
structural steel are illustrated in Figure 5-2. Even though ASTM A514 is not 
recommended for plastic design, the curve in Figure 5-2 may be used for dynamic 
elastic design. 

The strain rate, assumed to be a constant from zero strain to yielding, may be 
determined according to Equation 5-1: 

Esds tEf /=ε&  5-1 

where 

&ε  = average strain rate in the elastic range of the steel (in/in/sec) 
tE = time to yield (sec) 
fds = dynamic design stress (Section 5-13) 

Dynamic increase factors for yield stresses in various pressure levels in the bending, 
tension, and compression modes are listed in Table 5-2. The values for bending 
assume a strain rate of 0.10 in/in/sec in the low design pressure range and 0.30 
in/in/sec in the high pressure design range. For tension and compression members, the 
DIF values assume the strain rates are 0.02 in/in/sec in the low design pressure range 
and 0.05 in/in/sec in the high design pressure range. Lower strain rates are selected for 
the tension and compression members since they are likely to carry the reaction of a 
beam or girder which may exhibit a significant rise time, thereby increasing the time to 
reach yield in the tension or compression mode. 

On the basis of the above, the dynamic increase factors for yield stresses summarized 
in Table 5-2 are recommended for use in dynamic design. However, a more accurate 
representation may be derived using Figure 5-2 once the strain rate has been 
determined. 

Steel protective structures and members are generally not designed for excessive 
deflections, that is, deflections associated with elongations well into the strain-hardening 
region (see Figure 5-1). However, situations arise where excessive deflections may be 
tolerated and will not lead to structural failure or collapse. In this case, the ultimate 
stresses and associated dynamic increase factors for ultimate stresses must be 
considered. Table 5-3 lists the dynamic increase factors for ultimate stresses of steels. 
Unlike the dynamic increase factors for yield stress, these values are independent of the 
pressure ranges. 
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5-13 RECOMMENDED DYNAMIC DESIGN STRESSES. 
5-13.1 General. 

The yield point of steel under uniaxial tensile stress is generally used as a base to 
determine yield stresses under other loading states namely, bending, shear and 
compression, or tension. The design stresses are also functions of the average strength 
increase factor, a, and the dynamic increase factor, c. 

5-13.2 Dynamic Design Stress for Ductility Ratio, μ ≤ 10. 

To determine the plastic strength of a section under dynamic loading, the appropriate 
dynamic yield stress, fdy, must be used. For a ductility ratio (see Section 5-16.3) μ ≤ 10, 
the dynamic design stress, fds, is equal to the dynamic yield stress, fdy. In general terms, 
the dynamic yield stress, fdy, shall be equal to the product of the dynamic increase 
factor, c, the average yield strength increase factor, a, (see Section 5-12.1) and the 
specified minimum yield stress of the steel. The dynamic design stress, fds, for bending, 
tension, and compression shall be: 

fds = fdy = c × a × fy 5-2 

where 

fdy = dynamic yield stress 
c =  dynamic increase factor on the yield stress (Figure 5-2 or Table 5-2) 
a =  average strength increase factor (= 1.1 for steels with a specified minimum yield 

stress of 50 ksi or less; = 1.0 otherwise) 
fy =   static yield stress from Table 5-1 

5-13.3 Dynamic Design Stress for Ductility Ratio, μ > 10. 

Where excessive deflections or ductility ratios may be tolerated, the dynamic design 
stress can be increased to account for deformations in the strain hardening region. In 
this case, for μ > 10, the dynamic design stress, fds, becomes 

fds = fdy + (fdu - fdy)/4 5-3 

where: 

fdy =  dynamic yield stress from Equation 5-2 
fdu =  dynamic ultimate stress equal to the product of fu from Table 5-1 and the value of 

c from Table 5-3 or Figure 5-2 

It should be noted that the average strength increase factor, a, does not apply to fdu. 
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5-13.4 Dynamic Design Stress for Shear. 

The dynamic design stress for shear shall be: 

fdv = 0.55 fds 5-4 

where fds is from Equation 5-2 or 5-3. 
 

Figure 5-1 Typical Stress-Strain Curves for Steel 
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Table 5-1 Static Design Stresses for Materials 

Material 
(ASTM) 

fy min 
(ksi) 

fu min 
(ksi) 

A36 36 58 
A529 42 60 

A441 

40 60 
42 63 
46 67 
50 70 

A572 

42 60 
50 65 
60 75 
65 80 

A242 
42 63 
46 67 
50 70 

A588 
42 63 
46 67 
50 70 

A514 
90 100 

100 110 
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Table 5-2 Dynamic Increase Factor, c, for Yield Stress of Structural Steels 

Material 

Bending Tension or Compression 
Low 

Pressure 
( )in/in/sec 0.10=ε&  

High 
Pressure 
( )0.30=ε&  

Low 
Pressure 
( )0.02=ε&  

High 
Pressure 
( )0.05=ε&  

A36 1.29 1.36 1.19 1.24 

A588 1.19* 1.24* 1.12* 1.15* 

A514 1.09 1.12 1.05 1.07 

*Estimated 

Table 5-3 Dynamic Increase Factor, c, for Ultimate Stress of Structural Steels 
Material c 

A36 1.10 

A588 1.05* 

A514 1.00  

*Estimated 

DYNAMIC RESPONSE OF STEEL STRUCTURES IN THE PLASTIC RANGE 

5-14 PLASTIC BEHAVIOR OF STEEL STRUCTURES. 

Although plastic behavior is not generally permissible under service loading conditions, 
it is quite appropriate for design when the structure is subjected to a severe blast 
loading only once or at most a few times during its existence. Under blast pressures, it 
will usually be uneconomical to design a structure to remain elastic and, as a result, 
plastic behavior is normally anticipated in order to utilize more fully the energy-
absorbing capacity of blast-resistant structures. Plastic design for flexure is based on 
the assumption that the structure or member resistance is fully developed with the 
formation of near totally plastified sections at the most highly stressed locations. For 
economical design, the structure should be proportioned to assure its ductile behavior 
up to the limit of its load-carrying capacity. The structure or structural element can attain 
its full plastic capacity provided that premature impairment of strength due to secondary 
effects, such as brittle fracture or instability, does not occur. 

Structural resistance is determined on the basis of plastic design concepts, taking into 
account dynamic yield strength values. The design proceeds with the basic objective 
that the computed deformations of either the individual members or the structure as a 
whole, due to the anticipated blast loading, should be limited to prescribed maximum 
values consistent with safety and the desired post accident condition. 
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5-15 RELATIONSHIP BETWEEN STRUCTURE FUNCTION AND 
DEFORMATIONS. 

5-15.1 General. 

Deformation criteria are specified in detail for two categories of structures, namely, 
acceptor-type structures in the low pressure range and structures in the high pressure 
range which may either be acceptor or donor-type. A description of the two categories 
of structures follow. 

5-15.2 Acceptor-type Structures in the Low Pressure Ranges. 

The maximum deformations to be specified in this category are consistent with 
maintaining structural integrity into the plastic range while providing safety for personnel 
and equipment. The type of structure generally associated with this design category 
may be constructed of one or two stories with braced or rigid frames. Main members 
consisting of columns and main beams should be fabricated from hot rolled steel while 
secondary members, consisting of purlins or girts which span the frame members, can 
be hot-rolled I-shapes and channels or cold-formed Z-shapes and channels. The 
structure skin shall consist of cold-formed siding and decking spanning between the wall 
girts or roof purlins. 

5-15.3 Acceptor- or Donor-type Structures in the High Pressure Range. 

The deformation criteria specified in this category cover the severe conditions 
associated with structures located close-in to a blast. In cases where the design 
objective is the containment of an explosion the deformations should be limited. In other 
cases where prevention of explosion propagation or of missile generation is required, 
the structure may be allowed to approach incipient failure, and deformations well into 
the strain hardening region may be permitted for energy absorption. In general, plate 
elements and curved plate-type structures fall under these categories. 

5-16 DEFORMATION CRITERIA. 
5-16.1 General. 

The deformation criteria presented in this chapter will be consistent with designing the 
structure for one accident. However, if it is desirable for a structure to sustain two or 
three "incidents" in its lifetime, the designer may limit design deformations so that, in its 
post accident condition, the structure is suitable for repair and reuse. 

The deformation criteria for beams (including purlins, spandrels and girts) are presented 
in Section 5-16.5. The criteria for frames, including sidesway, are presented in Section 
5-16.6 and that for plates are given in Section 5-16.7. Special consideration is given to 
the deformation criteria for open-web joists (Section 5-33) and cold-formed metal 
decking (Section 5-34). Deformation criteria are summarized in Section 5-35. 
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5-16.2 Structural Response Quantities. 

In order to restrict damage to a structure or element which is subjected to the effects of 
accidental explosion, limiting values must be assigned to appropriate response 
quantities. Generally speaking, two different types of values are specified, namely, limits 
on the level of inelastic dynamic response and limits on the maximum deflections and 
rotations. 

For elements which can be represented as single-degree-of-freedom systems such as 
beams, floor and wall panels, open-web joists, and plates, the appropriate quantities are 
taken as the maximum ductility ratio and the maximum rotation at an end support. 

For systems such as frame structures which can be represented by multi-degree-of-
freedom systems, the appropriate quantities are taken as the sidesway deflection and 
individual frame member rotations. 

5-16.3 Ductility  Ratio, μ. 

Following the development in Chapter 3 of this manual, the ductility ratio, μ, is defined 
as the ratio of the maximum deflection (Xm) to the equivalent elastic deflection (XE) 
corresponding to the development of the limiting resistance on the bilinear resistance 
diagram for the element. Thus, a ductility ratio of 3 corresponds to a maximum dynamic 
response three times the equivalent elastic response. 

In the case of individual beam elements, ductility ratios as high as 20 can be achieved 
provided that sufficient bracing exists. Subsequent sections of this chapter cover 
bracing requirements for beam elements. In the case of plate elements, ductility ratios 
are important insomuch as the higher ductility ratios permit the use of higher design 
stresses. 

Support rotations, as discussed in the next section, provide the basis for beam and 
plate design. For a beam element, the ductility ratio must be checked to determine 
whether the specified rotation can be reached without premature buckling of the 
member. A similar provision shall apply to plates even though they may undergo larger 
ductility ratios in the absence of premature buckling. 

5-16.4 Support Rotation, Θ. 

The end rotation, Θ, and the associated maximum deflection, Xm, for a beam are 
illustrated in Figure 5-3. As shown, Θ is the angle between the chord joining the 
supports and the point on the element where the deflection is a maximum. 

5-16.5 Limiting Deformations for Beams. 

A steel beam element may be designed to attain large deflections corresponding to 12 
degrees support rotation. To assure the integrity of the beam element, it must be 
adequately braced to permit this high level of ductile behavior. In no case, however, 
shall the ductility ratio exceed 20. 
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A limiting support rotation of 2 degrees, and a limiting ductility ratio of 10 (whichever 
governs) are specified as reasonable estimates of the absolute magnitude of the beam 
deformation where safety for personnel and equipment is required. These deformations 
are consistent with maintaining structural integrity into the plastic range. Adequate 
bracing shall be present to assure the corresponding level of ductile behavior. 

The interrelationship between the various parameters involved in the design of beams is 
readily described in the idealized resistance-deflection curve shown in Figure 5-4. In the 
figure, the values shown for the ductility ratio, μ, and the support rotation Θ, are 
arbitrary. For example, the deflection corresponding to a 2-degree support rotation can 
be greater than that corresponding to a ductility ratio of 10. 

5-16.6 Application of Deformation Criteria to a Frame Structure. 

In the detailed analysis of a frame structure, representation of the response by a single 
quantity is not possible. This fact combined with the wide range and time-varying nature 
of the end conditions of the individual frame members makes the concept of ductility 
ratio intractable. Hence, for this case, the response quantities referred to in the criteria 
are the sidesway deflection of each story and the end rotation, Θ, of the individual 
members with reference to a chord joining the member ends, as illustrated in Figure 5-
3. In addition, in lieu of a ductility ratio criterion, the amount of inelastic deformation is 
restricted by means of a limitation on the individual member rotation. For members 
which are not loaded between their ends, such as an interior column, Θ is zero and only 
the sidesway criteria must be considered. The maximum member end rotation, as 
shown in Figure 5-3, shall be 2 degrees. The maximum sidesway deflection is limited to 
1/25 of the story height. 

These response quantities, sidesway deflection, and end rotation are part of the 
required output of various computer programs which perform an inelastic, multi-degree-
of-freedom analysis of frame structures. These programs are available through the 
repositories listed in Section 5-4 and several reports listed in the bibliography at the end 
of this chapter. The designer can use the output of these programs to check the 
sidesway deflection of each story and the maximum rotation of each member. 

5-16.7 Limiting Deformations for Plates. 

Plates and plate-type structures can undergo large deformations with regard to support 
rotations and ductility ratios. The effect of overall and local instability upon the ultimate 
capacity is considerably more important to structural steel shapes than to plates. 
Depending upon the functional requirements for a plate, the following deformation 
criteria should be considered in the design of a plate: 

(1) Large deflections at or close to incipient failure. 

(2) Moderate deflections where the structure is designed to sustain two or three 
"incidents" before being nonreusable. 
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(3) Limited deflections where performance of the structure is critical during the 
blast as in the case of a blast door designed to contain pressure and/or fire 
leakage. 

(4) Elastic deflections where the structure must not sustain permanent 
deflections, as in the case of an explosives test chamber. 

This is a partial list of design considerations for plates. It can be seen that the designer 
must establish deformation criteria based on the function of the plate or plate system. 

A plate or plate-type structure may undergo a support rotation, as illustrated in Figure 3-
22 of Chapter 3, of 12 degrees. The corresponding allowable ductility ratio shall not 
exceed 20. It should be noted that higher design stresses can be utilized when the 
ductility ratio exceeds 10 (See Section 5-13.3). 

A limiting support rotation of 2 degrees is specified as a reasonable estimate of the 
absolute magnitude of the plate support rotation where safety for personnel and 
equipment in an acceptor-type structure is required. As in the deformation criteria for 
beams, the ductility ratio shall not exceed 10. 

Two edge conditions may govern the deformation of plates in the plastic region. The 
first occurs when opposite edges are not built-in. In this case, elastic plate deflection 
theory and yield-line theory apply. The second involves tension-membrane action which 
occurs when at least two opposite edges are clamped. In this case, tensile-membrane 
action can occur before the plate element reaches a support rotation of 12 degrees. 
Tensile-membrane action of built-in plates is not covered in this chapter. However, the 
designer can utilize yield-line theory for limited plate deflection problems. 

The interrelationship between the various parameters involved in the design of plates is 
readily described in the idealized resistance-deflection curve shown in Figure 5-5. The 
figure shows the values for the ductility ratio, μ, and the support rotation, Θ, are 
arbitrary. For example, the deflection corresponding to a 2-degree support rotation can 
be greater than that corresponding to a ductility ratio of 10. 

5-17 REBOUND. 

Another aspect of dynamic design of steel structures subjected to blast loadings is the 
occurrence of rebound. Unlike the conditions prevailing in reinforced concrete structures 
where rebound considerations may not be of primary concern, steel structures will be 
subjected to relatively large stress reversals caused by rebound and will require lateral 
bracing of unstayed compression flanges which were formerly in tension. Rebound is 
more critical for elements supporting light dead loads and subjected to blast pressures 
of short duration. It is also a primary concern in the design of reversal bolts for blast 
doors. 
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5-18 SECONDARY MODES OF FAILURE. 
5-18.1 General. 

In the process of designing for the plastic or ductile mode of failure, it is important to 
follow certain provisions in order to avoid premature failure of the structure, i.e., to 
ensure that the structure can develop its full plastic resistance. 

These secondary modes of failure can be grouped in two main categories: 

(1) Instability modes of failure 

(2) Brittle modes of failure 

5-18.2 Instability  Modes of Failure. 

In this category, the problem of structural instability at two levels is of concern, namely, 
overall buckling of the structural system as a whole, and buckling of the component 
elements. 

Overall buckling of framed structures can occur in two essentially different manners. In 
the first case, the load and the structure are symmetric; deformations remain also 
symmetric up to a critical value of the load for which a sudden change in configuration 
will produce instant anti-symmetry, large sidesway and displacement, and eventually a 
failure by collapse if not by excessive deformations. This type of instability can also 
occur in the elastic domain before substantial deformation or any plastification has 
taken place. It is called "instability by bifurcation." 

In the second case, the loading or the structure or both are nonsymmetric. With the 
application of the load, sidesway develops progressively. In such cases, the vertical 
loads acting through the sidesway displacements, commonly called "the P-Δ effect," 
create second order bending moments that magnify the deformation. Because of rapidly 
increasing displacements, plastic hinges form, thereby decreasing the rigidity of the 
structure and causing more sidesway. This type of instability is related to a continuous 
deterioration of the stiffness leading to an early failure by either a collapse mechanism 
or excessive sidesway. 

Frame instability need not be explicitly considered in the plastic design of one- and two-
story unbraced frames provided that the individual columns and girders are designed 
according to the beam-column criteria of Section 5-37. For frames greater than two 
stories, bracing is normally required according to the AISC provisions for plastic design 
in order to ensure the overall stability of the structure. However, if an inelastic dynamic 
frame analysis is performed to determine the complete time-history of the structural 
response to the blast loading, including the P-Δ effects, it may be established, in 
particular cases, that lateral bracing is not necessary in a frame greater than two 
stories. As mentioned previously, computer programs which perform an in elastic, multi-
degree-of-freedom analysis of frame structures may be employed for such an analysis. 

Buckling of an element in the structure (e.g., a beam, girder, or column) can occur 
under certain loading and end conditions. Instability is of two types, namely, buckling of 
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the member as a whole (e.g., lateral torsional buckling) and local buckling at certain 
sections, including flange buckling and web crippling. 

Provisions for plastic design of beams and columns are presented in a separate section 
of this chapter. 

5-18.3 Brittle Modes of Failure. 

Under dynamic loading, there is an enhanced possibility that brittle fracture can develop 
under certain conditions. Since this type of failure is sudden in nature and difficult to 
predict, it is very important to diminish the risk of such premature failure. 

The complexity of the brittle fracture phenomena precludes a complete quantitative 
definition. As a result, it is impossible to establish simple rules for design. Brittle fracture 
will be associated with a loss in flexural resistance. 

Brittle fractures are caused by a combination of adverse circumstances that may include 
a few, some, or all of the following: 

(1) Local stress concentrations and residual stresses. 

(2) Poor welding. 

(3) The use of a notch sensitive steel. 

(4) Shock loading or rapid strain rate. 

(5) Low temperatures. 

(6) Decreased ductility due to strain aging. 

(7) The existence of a plane strain condition causing a state of tri-axial tension 
stresses, especially in thick gusset plates, thick webs and in the vicinity of 
welds. 

(8) Inappropriate use of some forms of connections. 

The problem of brittle fracture is closely related to the detailing of connections, a topic 
that will be treated in a separate section of this chapter. However, there are certain 
general guidelines to follow in order to minimize the danger of brittle fracture: 

(1) Steel material must be selected to conform with the condition anticipated in 
service. 

(2) Fabrication and workmanship should meet high standards, e.g., sheared 
edges and notches should be avoided, and material that has been severely 
cold-worked should be removed. 

(3) Proportioning and detailing of connections should be such that free 
movement of the base material is permitted, stress concentrations and triaxial 
stress conditions are avoided, and adequate ductility is provided.  
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Figure 5-3 Member End Rotations for Beams and Frames 
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Figure 5-4 Relationship Between Designs Parameters for Beams 
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Figure 5-5 Relationship Between Design Parameters for Plates 
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DESIGN OF SINGLE SPAN AND CONTINUOUS BEAMS 

5-19 GENERAL. 

The emphasis in this section is on the dynamic plastic design of structural steel beams. 
Design data have been derived from the static provisions of the AISC Specification with 
necessary modifications and additions for blast design. It should be noted that all 
provisions on plastic design in the AISC Specification apply, except as modified in this 
chapter. 

The calculation of the dynamic flexural capacity of beams is described in detail. The 
necessary information is presented for determining the equivalent bilinear resistance-
deflection functions used in evaluating the basic flexural response of beams. Also 
presented are the supplementary considerations of adequate shear capacity and local 
and overall stability which are necessary for the process of hinge formation, moment 
redistribution and inelastic hinge rotation to proceed to the development of a full 
collapse mechanism. 

5-20 DYNAMIC FLEXURAL CAPACITY. 
5-20.1 General. 

The ultimate dynamic moment resisting capacity of a steel beam is given by 

Mpu = fdsZ 5-5 

where fds is the dynamic design stress (as described in Section 5-13) of the material and 
Z is the plastic section modulus. The plastic section modulus can be calculated as the 
sum of the static moments of the fully yielded elements of the equal cross section areas 
above and below the neutral axis, i.e.: 

Z = Acm1 + Atm2 5-6 

Note:  Acm1 = Atm2 for a doubly-symmetric section 

where 

Ac =  area of cross section in compression 
At =  area of cross section in tension 
m1 =  distance from neutral axis to the centroid of the area in compression 
m2 =  distance from neutral axis to the centroid of the area in tension 

For standard I-shaped sections (S, W, and M shapes), the plastic section modulus is 
approximately 1.15 times the elastic modulus for strong axis bending and may be 
obtained from standard manuals on structural steel design. 
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It is generally assumed that a fully plastic section offers no additional resistance to load. 
However, additional resistance due to strain hardening of the material is present as the 
deformation continues beyond the yield level of the beam. In the analysis of structural 
steel beams, it is assumed that the plastic hinge formation is concentrated at a section. 
Actually, the plastic region extends over a certain length that depends on the type of 
loading (concentrated or distributed) on the magnitude of the deformation, and on the 
shape factor of the cross section. The extent of the plastic hinge has no substantial 
influence on the ultimate capacity; it has, however, an influence on the final magnitude 
of the deflection. For all practical purposes, the assumption of a concentrated plastic 
hinge is adequate. 

In blast design, although strains well into the strain-hardening range may be tolerated, 
the corresponding additional resistance is generally not sufficient to warrant analytical 
consideration since excessive support rotation and/or ductility ratios of beams, which 
are susceptible to local flange or lateral torsional buckling, are not recommended. 

5-20.2 Moment-curvature Relationship for Beams. 

Figure 5-6 shows the stress distribution at various stages of deformation for a plastic 
hinge section. Theoretically, the beam bends elastically until the outer fiber stress 
reaches fds and the yield moment designated by My is attained (Figure 5-6a). As the 
moment increases above My, the yield stress progresses inward from the outer fibers of 
the section towards the neutral axis as shown in Figure 5-6b. As the moment 
approaches the fully plastic moment, a rectangular stress distribution as shown in 
Figure 5-6c is approached. The ratio between the fully plastic moment to the yield 
moment is the shape factor, f, for the section, i.e., the ratio between the plastic and 
elastic section moduli. 

A representative moment-curvature relationship for a simply-supported steel beam is 
shown in Figure 5-7. The behavior is elastic until the yield moment My is reached. With 
further increase in load, the curvature increases at a greater rate as the fully plastic 
moment value, M2, is approached. Following the attainment of M2, the curvature 
increases significantly, with only a small increase in moment capacity. 

For design purposes, a bilinear representation of the moment-curvature relationship is 
employed as shown by the dashed lines in Figure 5-7. For beams with a moderate 
design ductility ratio (μ ≤ 3), the design moment Mp = M1. For beams with a larger 
design ductility ratio (μ > 3), the design moment Mp = M2. 

5-20.3 Design Plastic Moment, Mp. 

The equivalent plastic design moment shall be computed as follows: 

For beams with ductility ratios less than or equal to 3: 

Mp = fds (S + Z)/2 5-7 
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where S and Z are the elastic and plastic section moduli, respectively. 

For beams with ductility ratios greater than 3 and beam columns: 

Mp = fdsZ 5-8 

Equation 5-7 is consistent with test results for beams with moderate ductilities. For 
beams which are allowed to undergo large ductilities, Equation 5-8, based upon full 
plastification of the section, is considered reasonable for design purposes. 

 It is important to note that the above pertains to beams which are supported against 
buckling. Design provisions for guarding against local and overall buckling of beams 
during plastic deformation are discussed in Sections 5-24, 5-25, and 5-26. 

5-21 RESISTANCE AND STIFFNESS FUNCTIONS. 
5-21.1 General. 

The single-degree-of-freedom analysis which serves as the basis for the flexural 
response calculation requires that the equivalent stiffness and ultimate resistance be 
defined for both single-span beams and continuous beams. The ultimate resistance 
values correspond to developing a full collapse mechanism in each case. The 
equivalent stiffnesses correspond to load-deflection relationships that have been 
idealized as bilinear functions with initial slopes so defined that the areas under the 
idealized load deflection diagrams are equal to the areas under the actual diagrams at 
the point of inception of fully plastic behavior of the beam. This concept is covered in 
Section 3-13 of Chapter 3. 

5-21.2 Single-span Beams. 

Formulas for determining the stiffness and resistance for one-way steel beam elements 
are presented in Tables 3-1 and 3-8 of Chapter 3. The values of M in Table 3-1 
represents the plastic design moment, Mp. For example, the value of ru for the fixed-
simple, uniformly loaded beam becomes ru = 12 Mp/L2. 

5-21.3 Multi-span Beams. 

The beam relationships for defining the bilinear resistance function for multi-span 
continuous beams under uniform loading are summarized below. These expressions 
are predicated upon the formation of a three-hinge mechanism in each span. Maximum 
economy normally dictates that the span lengths and/or member sizes be adjusted such 
that a mechanism forms simultaneously in all spans. 

It must be noted that the development of a mechanism in a particular span of a 
continuous beam assumes compatible stiffness properties at the end supports. If the 
ratio of the length of the adjacent spans to the span being considered is excessive (say, 
greater than three). it may not be possible to reach the limit load without the beam 
failing by excessive deflection. 
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For uniformly distributed loading on equal spans or spans which do not differ in length 
by more than 20 percent, the following relationships can be used to define the bilinear 
resistance function: 

Two-span continuous beam: 

Ru = rubL = 12 Mp/L 5-9 

KE = 163 EI/L3 5-10 

Exterior span of continuous beams with three or more spans: 

Ru = rubL = 11.7Mp/L 5-11 

KE = 143EI/L3 5-12 

Interior span of continuous beam with three or more spans: 

Ru = rubL = 16.0Mp/L 5-13 

KE = 300EI/L3 5-14 

For design situations which do not meet the required conditions, the bilinear resistance 
function may be developed by the application of the basic procedures of plastic 
analysis. 

5-22 DESIGN FOR FLEXURE. 
5-22.1 General. 

The design of a structure to resist the blast of an accidental explosion consists 
essentially of the determination of the structural resistance required to limit calculated 
deflections to within the prescribed maximum values as outlined in Section 5-35. In 
general, the resistance and deflection may be computed on the basis of flexure 
provided that the shear capacity of the web is not exceeded. Elastic shearing 
deformations of steel members are negligible as long as the depth to span ratio is less 
than about 0.2 and hence, a flexural analysis is normally sufficient for establishing 
maximum deflections. 

5-22.2 Respon se Charts. 

Dynamic response charts for one-degree-of-freedom systems in the elastic or elasto-
plastic range under various dynamic loads are given in Chapter 3. To use the charts, 
the effective natural period of vibration of a structural steel beam must be determined. 
The procedures for determining the natural period of vibration for one-way elements are 
outlined in Section 3-17.4 of Chapter 3. Equation 5-15 can be used to determine the 
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natural period of vibration for any system for which the total effective mass, Me, and 
equivalent elastic stiffness, KE are known: 

TN = 2π (Me /KE)1/2 5-15 

5-22.3 Preliminary Dynamic Load Factors. 

For preliminary flexural design of beams situated in low pressure range, it is suggested 
that an equivalent static ultimate resistance equal to the peak blast pressure be used for 
those beams designed for 2 degrees support rotation. For large support rotations, a 
preliminary dynamic load factor of 0.5 is recommended. Since the duration of the 
loading for low pressure range will generally be the same or longer than the period of 
vibration of the structure, revisions to this preliminary design from a dynamic analysis 
will usually not be substantial. However, for structures where the loading environment 
pressure is such that the load duration is short as compared with the period of vibration 
of the structure, this procedure may result in a substantial overestimate of the required 
resistance. 

5-22.4 Additional Considerations in Flexural Design. 

Once a dynamic analysis is performed on the single span or continuous beam, the 
deformations must be checked with the limitations set in the criteria. The provisions for 
local buckling, web crippling and lateral bracing must be met. The deformation criteria 
for beam elements including purlins, spandrels and girts are summarized in Section 5-
35. 

The rebound behavior of the structure must not be overlooked. The information required 
for calculating the elastic rebound of structures is contained in Figure 3-268 of Chapter 
3. The provisions for local buckling and lateral bracing, as outlined in subsequent 
sections of this chapter, shall apply in the design for rebound. 

5-23 DESIGN FOR SHEAR. 

Shearing forces are of significance in plastic design primarily because of their possible 
influence on the plastic moment capacity of a steel member. At points where large 
bending moments and shear forces exist, the assumption of an ideal elasto-plastic 
stress-strain relationship indicates that during the progressive formation of a plastic 
hinge, there is a reduction of the web area available for shear. This reduced area could 
result in an initiation of shear yielding and possibly reduce the moment capacity. 

However, it has been found experimentally that I-shaped sections achieve their fully 
plastic moment capacity provided that the average shear stress over the full web area is 
less than the yield stress in shear. This result can basically be attributed to the fact that 
I-shaped sections carry moment predominantly through the flanges and shear 
predominantly through the web. Other contributing factors include the beneficial effects 
of strain hardening and the fact that combinations of high shear and high moment 
generally occur at locations where the moment gradient is steep. 
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The yield capacity of steel beams in shear is given by: 

Vp = fdvAw 5-16 

where Vp is the shear capacity, fdv is the dynamic yield stress in shear of the steel 
(Equation 5-4), and Aw is the area of the web. For I-shaped beams and similar flexural 
members with thin webs, only the web area between flange plates should be used in 
calculating Aw. 

For several particular load and support conditions, equations for the support shears, V, 
for one-way elements are given in Table 3-9 of Chapter 3. As discussed above, as long 
as the acting shear V does not exceed Vp, I-shaped sections can be considered capable 
of achieving their full plastic moment. If V is greater than Vp, the web area of the chosen 
section is inadequate and either the web must be strengthened or a different section 
should be selected. 

However, for cases where the web is being relied upon to carry a significant portion of 
the moment capacity of the section, such as rectangular cross section beams or built-up 
sections, the influence of shear on the available moment capacity must be considered 
as treated in Section 5-31. 

5-24 LOCAL BUCKLING. 

In order to ensure that a steel beam will attain fully plastic behavior and attain the 
desired ductility at plastic hinge locations, it is necessary that the elements of the beam 
section meet minimum thickness requirements sufficient to prevent a local buckling 
failure. Adopting the plastic design requirements of the AISC Specification, the width-
thickness ratio for flanges of rolled I- and W-shapes and similar built-up single web 
shapes that would be subjected to compression involving plastic hinge rotation shall not 
exceed the following values: 

fy (ksi) bf /2tf 

36 8.5 

42 8.0 

45 7.4 

50 7.0 

55 6.6 

60 6.3 

65 6.0 

where fy is the specified minimum static yield stress for the steel (Table 5-1), bf is the 
flange width, and tf is the flange thickness. 
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The width-thickness ratio of similarly compressed flange plates in box sections and 
cover plates shall not exceed 190/(fy)1/2. For this purpose, the width of a cover plate 
shall be taken as the distance between longitudinal lines of connecting rivets, high-
strength bolts, or welds. 

The depth-thickness ratio of webs of members subjected to plastic bending shall not 
exceed the value given by Equation 5-17 or 5-18 as applicable. 
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>=
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where 

P =  the applied compressive load 
Py =  the plastic axial load equal to the cross sectional area times the specified 

minimum static yield stress, fy 

These equations which are applicable to local buckling under dynamic loading have 
been adopted from the AISC provisions for static loading. However, since the actual 
process of buckling takes a finite period of time, the member must accelerate laterally 
and the mass of the member provides an inertial force retarding this acceleration. For 
this reason, loads that might otherwise cause failure may be applied to the members for 
very short durations if they are removed before the buckling has occurred. Hence, it is 
appropriate and conservative to apply the criteria developed for static loads to the case 
of dynamic loading of relatively short duration. 

These requirements on cross section geometry should be adhered to in the design of all 
members for blast loading. However, in the event that it is necessary to evaluate the 
load-carrying capacity of an existing structural member which does not meet these 
provisions, the ultimate capacity should be reduced in accordance with the 
recommendations made in the Commentary and Appendix C of the AISC Specification. 

5-25 WEB CRIPPLING. 

Since concentrated loads and reactions along a short length of flange are carried by 
compressive stresses in the web of the supporting member, local yielding may occur 
followed by crippling or crumpling of the web. Stiffeners bearing against the flanges at 
load points and fastened to the web are usually employed in such situations to provide a 
gradual transfer of these forces to the web. 
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Provisions for web stiffeners, as given in Section 1.15.5 of the AISC Specification, 
should be used in dynamic design. In applying these provisions, fy should be taken 
equal to the specified static yield strength of the steel. 

5-26 LATERAL BRACING. 
5-26.1 General. 

Lateral bracing support is often provided by floor beams, joists or purlins which frame 
into the member to be braced. The unbraced lengths (lcr, as defined in Sections 5-26.2 
and 5-26.3) are either fixed by the spacing of the purlins and girts or by the spacing of 
supplementary bracing. 

When the compression flange is securely connected to steel decking or siding, this will 
constitute adequate lateral bracing in most cases. In addition, inflection points (points of 
contraflexure) can be considered as braced points. 

Members built into a masonry wall and having their web perpendicular to this wall can 
be assumed to be laterally supported with respect to their weak axis of bending. In 
addition, points of contraflexure can be considered as braced points, if necessary. 

Members subjected to bending about their strong axis may be susceptible to lateral-
torsional buckling in the direction of the weak axis if their compression flange is not 
laterally braced. Therefore, in order for a plastically designed member to reach its 
collapse mechanism, lateral supports must be provided at the plastic hinge locations 
and at a certain distance from the hinge location. Rebound, which constitutes stress 
reversals, is an important consideration for lateral bracing support. 

5-26.2 Requirements for Members with μ ≤ 3. 

Since members with the design ductility ratios less than or equal to three undergo 
moderate amounts of plastic deformation, the bracing requirements are somewhat less 
stringent. 

For this case, the following relationship may be used: 

( ) 2/13101021
⎥
⎦

⎤
⎢
⎣

⎡ ×
=

ds

b

T f
C

r
 5-19 

where 

l =  distance between cross sections braced against twist or lateral displacement of 
the compression flange 

rT =  radius of gyration of a section comprising the compression flange plus one-third 
of the compression web area taken about an axis in the plane of the web 

Cb =  bending coefficient defined in Section 1.5.1.4.5 of the AISC Specification 
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5-26.3 Requirements for Members with μ > 3. 

In order to develop the full plastic moment, Mp for members with design ductility ratios 
greater than three, the distance from the brace at the hinge location to the adjacent 
braced points should not be greater than lcr as determined from either Equation 5-20 or 
5-21, as applicable: 

5.0
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M1.0  when251375
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−>≥+=
dsy
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β  5-20 
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dsy
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where 

ry =  the radius of gyration of the member about its weak axis 
M =  the lesser of the moments at the ends of the unbraced segment 
M/Mp = the end moment ratio. The moment ratio is positive when the segment is bent in  
 reverse curvature and negative when bent in single curvature. 
ß =  critical length correction factor (See Figure 5-8) 

The critical length correction factor, ß, accounts for the fact that the required spacing of 
bracing, lcr, decreases with increased ductility ratio. For example, for a particular 
member with ry = 2 in. and fds = 51 ksi and using the equation for M/Mp = 0, we get lcr = 
71.7 in. for μ = 6 and lcr = 39.7 in. for μ = 20. 

5-26.4 Requirements for Elements Subjected to Rebound. 

The bracing requirements for nonyielded segments of members and the bracing 
requirements for members in rebound can be determined from the following 
relationship: 
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where 

f =  the maximum bending stress in the member, and in no case greater than fds 

When f equals fds, this equation reduces to the 1/rT requirement of Equation 5-19. 
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5-26.5 Requirements for Bracing Members. 

In order to function adequately, the bracing member must meet certain minimum 
requirements on axial strength and axial stiffness. These requirements are quite 
minimal in relation to the properties of typical framing members. 

Lateral braces should be welded or securely bolted to the compression flange and, in 
addition, a vertical stiffener should generally be provided at bracing points where 
concentrated vertical loads are also being transferred. Plastic hinge locations within 
uniformly loaded spans do not generally require a stiffener. Examples of lateral bracing 
details are presented in Figure 5-9. 

Figure 5-6 Theoretical Stress Distribution for Pure Bending at Various Stages of 
Dynamic Loading 
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Figure 5-7 Moment-Curvature Diagram for Simple-Supported, Dynamically 
Loaded, I-shaped Beams 

 
 

Z 
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Figure 5-8 Values of β for use in Equations 5-20 and 5-21 
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Figure 5-9 Typical Lateral Bracing Details 
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DESIGN OF PLATES 

5-27 GENERAL. 

The emphasis in this section is on the dynamic plastic design of plates. As in the case 
for simply supported and continuous beams, design data have been derived from the 
static provisions of the AISC Specification with necessary modifications and additions 
for blast design. 

This section covers the dynamic flexural capacity of plates, as well as the necessary 
information for determining the equivalent bilinear resistance-deflection functions used 
in evaluating the flexural response of plates. Also presented is the supplementary 
consideration of adequate shear capacity at negative yield lines. 

5-28 DYNAMIC FLEXURAL CAPACITY. 

As is the case for standard I-shaped sections, the ultimate dynamic moment-resisting 
capacity of a steel plate is a function of the elastic and plastic moduli and the dynamic 
design stress. For plates or rectangular cross section beams, the plastic section 
modulus is 1.5 times the elastic section modulus. 

A representative moment-curvature relationship for a simply-supported steel plate is 
shown in Figure 5-10. The behavior is elastic until a curvature corresponding to the yield 
moment My is reached. With further increase in load, the curvature increases at a 
greater rate as the fully plastic moment value, M2, is approached. Following the 
attainment of M2, the curvature increases while the moment remains constant. 

For plates and rectangular cross section beams, M2 is 50 percent greater than My, and 
the nature of the transition from yield to the fully plastic condition depends upon the 
plate geometry and end conditions. It is recommended that a capacity midway between 
My and M2 be used to define the plastic design moment, Mp (M1 in Figure 5-11), for 
plates and rectangular cross section beams. Therefore, for plates with any ductility ratio, 
Equation 5-7 applies. 

5-29 RESISTANCE AND STIFFNESS FUNCTIONS. 

Procedures for determining stiffness and resistance factors for one- and two-way plate 
elements are outlined in Chapter 3. These factors are based upon elastic deflection 
theory and the yield-line method, and are appropriate for defining the stiffness and 
ultimate load-carrying capacity of ductile structural steel plates. In applying these factors 
to steel plates, the modulus of elasticity should be taken equal to 29,600,000 psi. For 
two-way isotropic steel plates, the ultimate unit positive and negative moments are 
equal in all directions; i.e. 

Mvn = Mvp = Mhn = Mhp = Mp 

where Mp is defined by Equation 5-7 and the remaining values are ultimate unit moment 
capacities as defined in Section 3-9.3 of Chapter 3. Since the stiffness factors were 
derived for plates with equal stiffness properties in each direction, they are not 
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applicable to the case of orthotropic steel plates, such as stiffened plates, which have 
different stiffness properties in each direction. 

5-30 DESIGN FOR FLEXURE. 

The procedure for the flexural design of a steel plate is essentially the same as the 
design of a beam. As for beams, it is suggested that preliminary dynamic load factors 
listed in Table 5-4 be used for plate structures. With the stiffness and resistance factors 
from Section 5-29 and taking into account the influence of shear on the available plate 
moment capacity as defined in Section 5-31, the dynamic response and rebound for a 
given blast loading may be determined from the response charts in Chapter 3. It should 
be noted that for μ > 10, the dynamic design stress, incorporating the dynamic ultimate 
stress, fdu, may be used (see Equation 5-2). 

5-31 DESIGN FOR SHEAR. 

In the design of rectangular plates, the effect of simultaneous high moment and high 
shear at negative yield lines upon the plastic strength of the plate may be significant. In 
such cases, the following interaction formula describes the effect of the support shear, 
V, upon the available moment capacity, M: 

M/Mp = 1 - (V/Vp)4 5-23 

where Mp is the fully plastic moment capacity in the absence of shear calculated from 
Equation 5-7, and Vp is the ultimate shear capacity in the absence of bending 
determined from Equation 5-16 where the web area, Aw, is taken equal to the total cross 
sectional area at the support. 

For two-way elements, values for the ultimate support shears which are applicable to 
steel plates are presented in Table 3-10 of Chapter 3. 

It should be noted that, due to the inter-relationship between the support shear, V, the 
unit ultimate flexural resistance, ru, of the two-way element, and the fully plastic moment 
resistance, Mp, the determination of the resistance of steel plates considering Equation 
5-23, is not a simple calculation. Fortunately, the number of instances when negative 
yield lines with support shears are encountered for steel plates will be limited. Moreover, 
in most applications, the V/Vp ratio is such that the available moment capacity is at least 
equal to the plastic design moment for plates (Equation 5-7). 

It is recommended that for a V/Vp ratio on negative yield lines less than 0.67, the plastic 
design moment for plates, as determined from Equation 5-7, should be used in design. 
However, if V/Vp is greater than 0.67, the influence of shear on the available moment 
capacity must be accounted for by means of Equation 5-23. 
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Figure 5-10 Moment-Curvature Diagram for Dynamically Loaded Plates and 
Rectangular Cross-Section Bases 

 
 

Figure 5-11 Biaxial Bending of a Doubly-Symmetric Section 
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Table 5-4 Preliminary Dynamic Load Factors for Plates 

Deflection 
Magnitude 

Deformation* 
DLF 

Θ max μ max 
Small 2 5 1.0 

Moderate 4 10 0.8 

Large 12 20 0.6 

*  Whichever governs 

SPECIAL CONSIDERATIONS, BEAMS 

5-32 UNSYMMETRICAL BENDING. 
5-32.1 General. 

ln blast design, the number of situations where unsymmetrical bending occurs is limited 
and where encountered, it can be treated without serious economic penalty. Due to the 
fact that blast overpressure loads act normal to the surfaces of a structure, the use of 
doubly-symmetric cross sections for purlins and girts (e.g., hot-rolled S- and W-sections 
or cold-formed channels used back-to-back) is generally recommended. In such cases, 
the deformation criteria for flexural members in Section 5-22 apply. 

Unsymmetrical bending occurs when flexural members are subjected to transverse 
loads acting in a plane other than a principal plane. With this type of loading, the 
following are applicable: 

(1) The member's neutral axis is not perpendicular to the plane of loading. 

(2) Stresses cannot in general be calculated by means of the simple bending 
formula (Mc/I). 

(3) The bending deflection does not coincide with the plane of loading but is 
perpendicular to the inclined neutral axis. 

(4) If the plane of loads does not pass through the shear center of the cross 
section, bending is also accompanied by twisting. 

Doubly-symmetric S, W, and box sections acting as individual beam elements and 
subjected to biaxial bending, i.e., unsymmetrical bending without torsion, can be treated 
using the procedures outlined in the following sections. 

5-32.2 Elastic and Plastic Section Modulus. 

The inclination of the elastic and plastic neutral axis through the centroid of the section 
can be calculated directly from the following relationship (see Figure 5-11): 
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tan α = (Ix /Iy) tan φ 5-24 

where 

α = angle between the horizontal principal plane and the neutral axis  

φ = angle between the plane of the load and the vertical principal plane  

and x and y refer to the horizontal and vertical principal axes of the cross section. 

The equivalent elastic section modulus may be evaluated from the following equation: 

S = (SxSy)/(Sycos φ + Sxsin φ) 5-25 

where 

Sx =  elastic section modulus about the x-axis 
Sy =  elastic section modulus about the y-axis 

The plastic section modulus can be calculated using Equation 5-6. With these values of 
the elastic and plastic section moduli, the design plastic moment capacity can be 
determined from Equation 5-7. 

5-32.3 Equivalent Elastic Stiffness. 

ln order to define the stiffness and bilinear resistance function, it is necessary to 
determine the elastic deflection of the beam. This deflection may be calculated by 
resolving the load into components acting in the principal planes of the cross section. 
The elastic deflection, δ, is calculated as the resultant of the deflections determined by 
simple bending calculations in each direction (see Figure 5-11). The equivalent elastic 
deflection on the bilinear resistance function XE, may then be determined by assuming 
that the elastic stiffness is valid up to the development of the design plastic moment 
capacity, Mp. 

5-32.4 Lateral Bracing and Recommended Design Criteria. 

The bracing requirements of Section 5-26 may not be totally adequate to permit a 
biaxially loaded section to deflect into the inelastic range without premature failure. 
However, for lack of data, the provisions of Section 5-26 on lateral bracing may be used 
if the total member end rotation corresponding to the total deflection due to the inclined 
load is limited to 2 degrees. In addition, the actual details of support conditions and/or 
bracing provided to such members by the other primary and secondary members of the 
frame must be carefully checked to ensure that the proper conditions exist to permit 
deflections in the inelastic range. 
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5-32.5 Torsion and Unsymmetrical Bending. 

The inelastic behavior of sections subjected to unsymmetrical bending, with twisting, is 
not totally known at present. Consequently, the use of sections with the resultant load 
not passing through the shear center is not recommended in plastic design of blast-
resistant structures, unless torsional constraints are provided for the elements. In actual 
installations, however, the torsional constraint offered to a purlin or girt by the flexural 
rigidity of the floor, roof, or wall panels to which it is attached may force the secondary 
member to deflect in the plane of loading with little or no torsional effects. Under such 
conditions or when some other means of bracing is provided to prevent torsional 
rotation in both the loading and rebound phases of the response, such unsymmetrically 
loaded members may be capable of performing well in the plastic range. However, 
because of the limited data presently available, there is insufficient basis for providing 
practical design guidelines in this area. Hence, if a case involving unsymmetrical 
bending with torsion cannot be prevented in design, the maximum ductility ratio should 
be limited to 1.0. 

Furthermore, special precautions may have to be taken to restrict the torsional-flexural 
distortions that can develop under unsymmetrical loading, thereby reducing the flexural 
capacity of the member. 

5-33 STEEL JOISTS AND JOIST GIRDERS (OPEN-WEB STEEL JOISTS). 

Open-web joists are commonly used as load-carrying members for the direct support of 
roof and floor deck in buildings. The design of joists for conventional loads is covered by 
the "Standard Specifications, Load Tables and Weight Tables for Steel Joists and Joist 
Girders," adopted by the Steel Joist Institute. For blast design, all the provisions of this 
Specification are in force, except as modified herein. 

These joists are manufactured using either hot-rolled or cold-formed steel. H Series 
joists are composed of 50-ksi steel in the chord members and either 36 ksi or 50-ksi 
steel for the web sections. LH Series, DLH Series and joist girders are composed of 
joist chords or web sections with a yield strength of at least 36 ksi, but not greater than 
50 ksi. 

Standard load tables are available for simply supported, uniformly loaded joists 
supporting a deck and so constructed that the top chord is braced against lateral 
buckling. These tables indicate that the capacity of a particular joist may be governed by 
either flexural or shear (maximum end reaction) considerations. As discussed 
previously, it is preferable in blast applications to select a member whose capacity is 
controlled by flexure rather than shear, which may cause abrupt failure. 

The tabulated loads include a check on the bottom chord as an axially loaded tensile 
member and the design of the top chord as a column or beam column. The width-
thickness ratios of the unstiffened or stiffened elements of the cross section are also 
limited to values specified in the Standard Specifications. 

The dynamic ultimate capacity of open-web joists may be taken equal to 1.7 a x c times 
the load given in the joist tables. This value represents the safety factor of 1.7 multiplied 
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by a dynamic increase factor, c, and the average strength increase factor, a (see 
Section 5-12). 

The adequacy of the section in rebound must be evaluated. Upon calculating the 
required resistance in rebound, r-/ru, using the rebound chart in Chapter 3 (Figure 3-
268), the lower chord must be checked as a column or beam column. If the bottom 
chord of a standard joist is not adequate in rebound, the chord must be strengthened 
either by reducing the unbraced length or by increasing the chord area. The top chord 
must be checked as an axial tensile member, but in most circumstances, it will be 
adequate. 

The bridging members required by the joist specification should be checked for both the 
initial and rebound phase of the response to verify that they satisfy the required spacing 
of compression flange bracing for lateral buckling. 

The joist tables indicate that the design of some joists is governed by shear, that is, 
failure of the web bar members in tension or compression near the supports. In such 
cases, the ductility ratio for the joist should not exceed unity. In addition, the joist 
members near the support should be investigated for the worst combination of 
slenderness ratio and axial load under load reversal. 

For hot-rolled members not limited by shear considerations, design ductility ratios up to 
the values specified in Section 5-35 can be used. The design ductility ratio of joists with 
light gauge chord members should be limited to 1.0. 

The top and bottom chords should be symmetrical about a vertical axis. If double angles 
or bars are used as chord members, the components of each chord should be fastened 
together so as to act as a single member. 

SPECIAL CONSIDERATIONS, COLD-FORMED STEEL PANELS 

5-34 BLAST RESISTANT DESIGN OF COLD-FORMED STEEL PANELS. 
5-34.1 General. 

Recent studies on cold-formed panels have shown that the effective width relationships 
for cold-formed light gauge elements under dynamic loading do not differ significantly 
from the static relationships. Consequently, the recommendations presently contained 
in the American Iron and Steel Institute (AISI) Specifications are used as the basis for 
establishing the special provisions needed for the design of cold-formed panels 
subjected to blast loads. Some of the formulas of the Specification have been extended 
to comply with ultimate load conditions and to permit limited performance in the inelastic 
range. 

Two main modes of failure can be recognized, one governed by bending and the other 
by shear. In the case of continuous members, the interaction of the two influences plays 
a major role in determining the behavior and the ultimate capacity. Due to the relatively 
thin webs encountered in cold-formed members, special attention must also be paid to 
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crippling problems. Basically, the design will be dictated by the capacity in flexure but 
subject to the constraints imposed by shear resistance and local stability. 

5-34.2 Resistance in Flexure. 

The material properties of the steel used in the production of cold-formed steel panels 
conforms to ASTM A446. This standard covers three grades (a, b, and c) depending on 
the yield point. Most commonly, panels are made of steel complying with the 
requirements of grade a, with a minimum yield point of 33 ksi and an elongation of 
rupture of 20 percent for a 2-inch gauge length. However, it is generally known that the 
yield stress of the material used in the manufacture of cold-formed panels generally 
exceeds the specified minimum yield stress by a significant margin; therefore, it is 
recommended that a design minimum yield stress of 40 ksi (corresponding to an 
average strength increase factor of a = 1.21) be used unless the actual yield stress of 
the material is known. For grades b and c which exhibit higher minimum yield points, an 
average strength increase factor of 1.21 is also recommended. 

In calculating the dynamic yield stress of cold-formed steel panels, it is recommended 
that a dynamic increase factor, c, of 1.1 be applied irrespective of actual strain rate and, 
consequently, the value of the dynamic design stress to be used is 

fds = a x c x fy = 1.21 x 1.1 x fy = 1.33 fy 5-26 

and hence, fds equals 44 ksi for the particular case of fy = 33 ksi. 

Ultimate design procedures, combined with the effective width concept, are used in 
evaluating the strength of cold-formed light gauge elements. Thus, a characteristic 
feature of cold-formed elements is the variation of their section properties with the 
intensity of the load. As the load increases beyond the level corresponding to the 
occurrence of local buckling, the effective area of the compression flange is reduced; as 
a result, the neutral axis moves toward the tension flange with the effective properties of 
the cross section such as A (area), I (moment of inertia) and S (section modulus), 
decreasing with load increase. The properties of the panels, as tabulated by the 
manufacturer, are related to different stress levels. The value of S referred to that of the 
effective section modulus at ultimate and the value of I related to a service stress level 
of 20 ksi. In the case of panels fabricated from hat sections and a flat sheet, two section 
moduli are tabulated, S+ and S-, referring to the effective section modulus for positive 
and negative moments, respectively. Consequently, the following ultimate moment 
capacities are obtained: 

Mup = fdsS+ 5-27 

Mun = fdsS- 5-28 

where 
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Mup =  ultimate positive moment capacity for a 1-foot width of panel 
Mun =  ultimate negative moment capacity for a 1-foot width of panel 

It should be noted that in cases where tabulated section properties are not available, the 
required properties may be calculated based upon the relationships in the AISI Design 
Specification. 

As for any single-span flexural element, the panel may be subjected to different end 
conditions, either simply supported or fixed. The fixed-fixed condition is seldom found in 
practice since this situation is difficult to achieve in actual installations. The simply fixed 
condition is found because of symmetry in each span of a two-span continuous panel. 
For multi-span members (three or more), the response is governed by that of the first 
span which is generally characterized by a simply supported condition at one support 
and a partial moment restraint at the other. Three typical cases can, therefore, be 
considered: 

(1) Simply supported at both ends (single span). 

(2) Simply supported at one end and fixed at the other (two equal span 
continuous member). 

(3) Simply supported at one end and partially fixed at the other (first span of an 
equally spaced multi-span element). 

The resistance of the panel is a function of both the strength of the section and the 
maximum moment in the member. 

The ability of the panel to sustain yielding of its cross section produces significant 
moment re-distribution in the continuous member which results in an increase of the 
resistance of the panel. 

The behavior of cold-formed steel sections in flexure is nonlinear as shown in Figure 5-
12. To simulate the bilinear approximation to the resistance-deflection curve, a factor of 
0.9 is applied to the peak resistance. Therefore, for design purposes, the recommended 
resistance formula for a simply supported, single-span panel is given by: 

ru = 0.9 x 8 Mup/L2 = 7.2 Mup/L2 5-29 

where ru is the resistance per unit length of panel, and L is the clear or effective span 
length. 

The recommended resistance formula for a simply-fixed, single-span panel or first span 
of an equally spaced continuous panel is given by: 

ru = 0.9 x 4 (Mun + 2Mup)/L2 = 3.6 (Mun + 2Mup)/L2 5-30 
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5-34.3 Equivalent Elastic Deflection. 

As previously mentioned, the behavior of cold-formed sections in flexure is nonlinear as 
shown in Figure 5-12. A bilinear approximation of the resistance-deflection curve is 
assumed for design. The equivalent elastic deflection XE is obtained by using the 
following equation: 

XE = (ßruL4)/EI20 5-31 

where ß is a constant which depends on the support conditions and whose values are 
as follows: 

ß =  0.0130 for a simply supported element 
ß =  0.0062 for simply fixed or continuous elements 

I20 is defined as the effective moment of inertia of the section at a service stress of 20 
ksi. The value of I20 is generally tabulated as a section property of the panel. The value 
of ru is obtained from Equation 5-29 or 5-30. 

5-34.4 Design for Flexure. 

When performing a one-degree-of-freedom analysis of the panel's behavior, the 
properties of the equivalent system can be evaluated by using a load-mass factor, KLM = 
0.74, which is an average value applicable to all support conditions. The natural period 
of vibration for the equivalent single-degree system is thus obtained by substituting into 
Equation 5-15: 

TN = 2π (0.74 mL/KE)1/2 5-32 

where 

m =  w/g is the unit mass of the panel 
KE = ru L/XE is the equivalent elastic stiffness of the system 

5-34.5 Recommended Ductility Ratios. 

Figure 5-12 illustrates the nonlinear character of the resistance-deflection curve and the 
recommended bilinear approximation. The initial slope of the actual curve is fairly linear 
until it enters a range of marked nonlinearity and, finally, a point of instability. However, 
excessive deflections cause the decking to act as a membrane in tension (solid curve) 
and, consequently, a certain level of stability sets in. It should be noted that, in order to 
use the procedure outlined in this section, care must be taken to adequately connect the 
ends of the decking so that it can achieve the desired level of tension-membrane action. 
A discussion of connectors at end panels is presented in Section 5-48. When tension-
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membrane action is not present, increased deflection will result in a significant dropoff in 
resistance as illustrated by the dotted curve in Figure 5-12. 

Two limits of deformation are assigned, depending on end-anchorage condition of the 
panel. For panels having nominal end anchorage, that is, where tension-membrane 
action is minimal, the maximum deflection of the panel is Xo, as illustrated in Figure 5-
12, and is defined by: 

Xo = 1.75 XE 5-33 

For panels with sufficient end anchorage to permit tension-membrane action, the 
maximum deflection of the panel is Xm, as illustrated in Figure 5-12, and is defined by: 

Xm = 6.0 XE 5-34 

5-34.6 Recommended Support Rotations. 

In order to restrict the magnitude of rotation at the supports, limitations are placed on 
the maximum deflections Xo and Xm as follows: 

For elements where tension-membrane action is not present: 

Xo = L/92 or Θmax = 1.25 degrees 5-35 

For elements where tension-membrane action is present: 

Xm = L/92 or Θmax = 4 degrees 5-36 

5-34.7 Rebound.  

Appropriate dynamic response charts for one-degree-of-freedom systems in the elastic 
or elasto-plastic range under various dynamic loads are given in Chapter 3. The 
problem of rebound should be considered in the design of decking due to the different 
section properties of the panel, depending on whether the hat section or the flat sheet is 
in compression. Figure 5-13 presents the maximum elastic resistance in rebound as a 
function of T/TN. While the behavior of the panel in rebound does not often control, the 
designer should be aware of the problem; in any event, there is a need for providing 
connections capable of resisting uplift or pull-out forces due to load reversal in rebound. 

5-34.8 Resistance in Shear. 

Webs with h/t in excess of 60 are in common use among cold-formed members and the 
fabrication process makes it impractical to use stiffeners. The design web stresses 
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must, therefore, be limited to ensure adequate stability without the aid of stiffeners, 
thereby preventing premature local web failure and the accompanying loss of load-
carrying capacity. 

The possibility of web buckling due to bending stresses exists and the critical bending 
stress is given by Equation 5-37: 

fcr = 640,000/(h/t)2 ≤ fy 5-37 

By equating fcr to 32 ksi, which is a stress close to the yielding of the material, a value 
h/t = 141 is obtained. Since it is known that webs do not actually fail at these theoretical 
buckling stresses due to the development of post-buckling strength, it can be safely 
assumed that webs with h/t ≤ 150 will not be susceptible to flexural buckling. Moreover, 
since the AISI recommendations prescribe a limit of h/t = 150 for unstiffened webs, this 
type of web instability need not be considered in the design. 

Panels are generally manufactured in geometrical proportions which preclude web-
shear problems when used for recommended spans and minimum support-bearing 
lengths of 2 to 3 inches. In blast design, however, because of the greater intensity of the 
loading, the increase in required flexural resistance of the panels requires shorter 
spans. 

In most cases, the shear capacity of a web is dictated by instability due to either 

(1) Simple shear stresses 

(2) Combined bending and shearing stresses 

For the case of simple shear stresses, as encountered at end supports, it is important to 
distinguish three ranges of behavior depending on the magnitude of h/t. For large 
values of h/t, the maximum shear stress is dictated by elastic buckling in shear and for 
intermediate h/t values, the inelastic buckling of the web governs; whereas for very 
small values of h/t, local buckling will not occur and failure will be caused by yielding 
produced by shear stresses. This point is illustrated in Figure 5-14 for fds = 44 ksi. The 
provisions of the AISI Specification in this area are based on a safety factor ranging 
from 1.44 to 1.67 depending upon h/t. For blast-resistant design, the recommended 
design stresses for simple shear are based on an extension of the AISI provisions to 
comply with ultimate load conditions. The specific equations for use in design for fds = 
44, 66 and 88 ksi are summarized in Tables 5-5a, 5-6a, and 5-7a, respectively. 

At the interior supports of continuous panels, high bending moments combined with 
large shear forces are present, and webs must be checked for buckling due to these 
forces. The interaction formula presented in the AISI Specification is given in terms of 
the allowable stresses rather than critical stresses which produce buckling. In order to 
adapt this interaction formula to ultimate load conditions, the problem of inelastic 
buckling under combined stresses has been considered in the development of the 
recommended design data. 
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In order to minimize the amount and complexity of design calculations, the allowable 
dynamic design shear stresses at the interior support of a continuous member have 
been computed for different depth-thickness ratios for fds = 44, 66, and 88 ksi, and 
tabulated in Tables 5-5b, 5-6b, and 5-7b, respectively. 

5-34.9 Web Crippling. 

In addition to shear problems, concentrated loads or reactions at panel supports, 
applied over relatively short lengths, can produce load intensities that can cripple 
unstiffened thin webs. The problem of web crippling is rather complicated for theoretical 
analysis because it involves the following: 

(1) Nonuniform stress distribution under the applied load and the adjacent 
portions of the web 

(2) Elastic and inelastic stability of the web element 

(3) Local yielding in the intermediate region of load application 

(4) The bending produced by the eccentric load (or reaction) when it is applied on 
the bearing flange at a distance beyond the curved transition of the web 

The AISI recommendations have been developed by relating extensive experimental 
data to service loads with a safety factor of 2.2 which was established taking into 
account the scatter in the data. For blast design of cold-formed panels, it is 
recommended that the AISI values be multiplied by a factor of 1.50 in order to relate the 
crippling loads to ultimate conditions with sufficient provisions for scatter in test data. 

For those sections that provide a high degree of restraint against rotation of their webs, 
the ultimate crippling loads are given as follows: 

Allowable ultimate end support reaction 

Qu = 1.5 fdst2 [4.44 + 0.558 (N/t)1/2] 5-38 

Allowable ultimate interior support reaction 

Qu = 1.5 fdst2 [6.66 + 1.446 (N/t)1/2] 5-39 

where 

Qu =  ultimate support reaction 
fds =  dynamic design stress 
N =  bearing length (in) 

The charts in figures 5-15 and 5-16 present the variation of Qu as a function of the web 
thickness for bearing lengths from 1 to 5 inches for fds = 44 ksi for end and interior 
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supports, respectively. It should be noted that the values reported in the charts relate to 
one web only, the total ultimate reaction being obtained by multiplying Qu by the number 
of webs in the panel. 

For design, the maximum shear forces and dynamic reactions are computed as a 
function of the maximum resistance in flexure. The ultimate load-carrying capacity of the 
webs of the panel must then be compared with these forces. As a general comment, the 
shear capacity is controlled for simply supported elements and by the allowable design 
shear stresses at the interior supports for continuous panels. 

In addition, it can be shown that the resistance in shear governs only in cases of 
relatively very short spans. If a design is controlled by shear resistance, it is 
recommended that another panel be selected since a flexural failure mode is generally 
preferred. 

5-35 SUMMARY OF DEFORMATION CRITERIA FOR STRUCTURAL 
ELEMENTS. 

Deformation criteria are summarized in Table 5-8 for frames, beams and other structural 
elements including cold-formed steel panels, open-web joists and plates. 
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Figure 5-12 Resistance-Deflection Curve for a Typical Cold-Formed Section 
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Figure 5-14 Allowable Dynamic (Design) Shear Stresses for Webs of Cold-Formed 
Members (fds = 44 ksi) 
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Figure 5-15 Maximum End Support Reaction for Cold-Formed Steel Sections (fds = 

44 ksi) 
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Figure 5-16 Maximum Interior Support Reaction for Cold-Formed Steel Sections 

(fds = 44 ksi) 
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Table 5-5 Dynamic Design Shear Stress for Webs of Cold-Formed Members (fds = 
44 ksi) 

(a) Simple Shear 

h/t fdv (ksi) 

(h/t) ≤  57 0.50 fds ≤ 22.0 

57 < (h/t) ≤  83 1.26 x 103/ (h/t) 

83 < (h/t) ≤ 150 1.07 x 105/ (h/t) 

(b) Combined Bending and Shear 

h/t fdv (ksi) 

20 10.94 

30 10.84 

40 10.72 

50 10.57 

60 10.42 

70 10.22 

80 9.94 

90 9.62 

100 9.00 

110 8.25 

120 7.43 
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Table 5-6 Dynamic Design Shear Stress for Webs of Cold-Formed Members (fds = 
66 ksi) 

(a) Simple Shear 

h/t fdv (ksi) 

(h/t) ≤  47 0.50 fds ≤ 33.0 

47 < (h/t) ≤  67 1.54 x 103/ (h/t) 

67 < (h/t) ≤ 150 1.07 x 105/ (h/t) 

(b) Combined Bending and Shear 

h/t fdv (ksi) 

20 16.41 

30 16.23 

40 16.02 

50 15.75 

60 15.00 

70 14.20 

80 13.00 

90 11.75 

100 10.40 

110 8.75 

120 7.43 
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Table 5-7 Dynamic Design Shear Stress for Webs of Cold-Formed Members (fds = 
88 ksi) 

(a) Simple Shear 

h/t fdv (ksi) 

(h/t) ≤  41 0.50 fds ≤ 44.0 

41 < (h/t) ≤  58 1.78 x 103/ (h/t) 

58 < (h/t) ≤ 150 1.07 x 105/ (h/t) 

(b) Combined Bending and Shear 

h/t fdv (ksi) 

20 21.60 

30 21.00 

40 20.00 

50 18.80 

60 17.50 

70 16.00 

80 14.30 

90 12.50 

100 10.75 

110 8.84 

120 7.43 
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Table 5-8 Summary of Deformation Criteria 

Element 
Highest level 
of Protection 

(Category No.)*
Additional 

Specifications 
Deformation 

Type** 
Maximum 

Deformation 

Beams, 
purlins, 
spandrels     
or girts 

1 
 

Θ 
μ 

2° 
10 

2 Θ 
μ 

12° 
20 

Frame 
structures 1  δ 

Θ † 
H/25 

2° 

Cold-formed 
steel floor and 
wall panels 

1 

Without tension-
membrane 

action 

Θ 
μ 

1.25° 
1.75 

With tension-
membrane 

action 

Θ 
μ 

4° 
6 

Open-web 
joists 1 

 Θ 
μ 

2° 
4 

Joists controlled 
by maximum 
end  reaction 

Θ 
μ 

1° 
1 

Plates 
1 

 

Θ 
μ 

2° 
10 

2 Θ 
μ 

12° 
20 

Θ = maximum member end rotation (degrees) measured from the chord joining the 
member ends 

δ = relative sidesway deflection between stories 
H = story height 
μ = ductility ratio (Xm /XE) 

* As defined in Chapter 1. 

** Whichever governs. 

† Individual frame member.  
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SPECIAL CONSIDERATIONS, BLAST DOORS 

5-36 BLAST DOOR DESIGN. 
5-36.1 General. 

This section outlines procedures for the design of steel blast doors. Analytical 
procedures for the design of the individual elements of the blast door plate have been 
presented in earlier sections of this chapter. In addition to the door plate, door frames 
and anchorage, reversal bolts, gaskets and door operators are discussed. Blast doors 
are categorized by their functional requirements and method of opening. 

5-36.2 Functions and Methods of Opening. 
5-36.2.1 Functional Requirements. 

Blast doors may be designed to contain an accidental explosion from within a structure 
so as to prevent pressure and fireball leakage and fragment propagation. Blast doors 
may also be designed to protect personnel and/or equipment from the effects of 
external blast loads. In this case, a limited amount of blast pressures may be permitted 
to leak into the protected area. In most cases, blast doors may be designed to protect 
the contents of a structure, thereby negating propagation when explosives are 
contained within the shelter. 

5-36.2.2 Method of Opening. 

Blast doors may be grouped based on their method of opening, such as:  (a) single leaf, 
(b) double leaf, (c) vertical lift, and (d) horizontal sliding. 

5-36.3 Design Considerations. 
5-36.3.1 General. 

The design of a blast door is intrinsically related to its function during and/or after an 
explosion. Design considerations include whether or not the door should sustain 
permanent deflections, whether rebound mechanisms or fragment protection is 
required, and whether pressure leakage be tolerated. Finally, the design pressure range 
may dictate the type of door construction that is to be used, including solid steel plate or 
built-up doors. 

5-36.3.2 Deflections. 

As stated in Section 5-16.7, plates can sustain a support rotation of 12 degrees without 
failing. This is applicable to blast doors providing that the resulting plate deflection does 
not collapse the door by pushing it through the opening. However, deflections may have 
to be limited if the mechanism used to open the door after an explosion is required to 
function. In addition, if a blast door is designed with a gasket so as to fully or nearly 
contain the pressure and fireball effects of an explosion, then deflections should be 
limited in order to ensure satisfactory performance of the gasket. 
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5-36.3.3 Rebound Mechanisms. 

Steel doors will be subjected to relatively large stress reversals caused by rebound. 
Blast doors may have to transfer these reversal loads by means of retracting pins or 
"reversal bolts." These heads can be mounted on any edge (sides, top, or bottom) of a 
doorplate. Reversal bolts can be designed as an integral part of the panic hardware 
assembly or, if tapered, they can be utilized in compressing the gasket around a 
periphery. The magnitude of the rebound force acting on the blast doors is discussed 
later. 

5-36.3.4 Fragment Protection. 

A plate-type blast door, or the plate(s) of a built-up blast door may be sized to prevent 
fragment penetration. However, when the blast door is subjected to large blast loads 
and fragments, a supplementary fragment shield may be necessary since the combined 
effects of the fragments and pressures may cause premature door failure due to the 
notching effects produced by the fragments. Procedures for predicting the 
characteristics of primary fragments such as impact, velocity, and size of fragment are 
presented in Chapter 2. Methods for determining the depth of penetration of fragments 
into steel are given in Section 5-49. 

5-36.3.5 Leakage Protection (Gaskets). 

Blast doors may be designed to partly or fully contain the pressure and fireball effects of 
an explosion in which case gaskets may have to be utilized around the edge of a door 
or its opening. A sample of a gasket is illustrated in Figure 5-17. This gasket will have to 
be compressed by means of a hydraulic operator which is capable of overcoming a 
force of 125 pounds per linear inch of the gasket. This gasket is made of neoprene 
conforming to the material callouts in Note 2 of Figure 5-17. 

5-36.3.6 Type of Construction. 

Blast doors are formed from either solid steel plate or built-up steel construction. 

Solid steel plate doors are usually used for the high pressure ranges (50 psi or greater) 
and where the door span is relatively short. Depending on plate thicknesses, these 
doors may be used when fragment impact is critical. These plates can range in 
thickness of 1-inch or greater. For thick plates, connections using high strength bolts or 
socket head cap screws are recommended in lieu of welding. However, the use of bolts 
or screws must preclude the passage of leakage pressures into or out of the structure 
depending on its use. 

Built-up doors are used usually for the low pressure range and where long spans are 
encountered. A typical built-up blast door may consist of a peripheral frame made from 
steel channels with horizontal channels serving as intermediate supports for the interior 
and/or exterior steel cover plates. The pressure loads must be transferred to the 
channels via the plate. Concrete or some other material may be placed between the 
plates in order to add mass to the door or increase its fragment resistance capabilities. 
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5-36.4 Examples of Blast Door Designs. 
5-36.4.1 General. 

ln order to illustrate the relationship between the function of a blast door and its design 
considerations, four examples are presented in the following section. Table 5-9 lists the 
design requirements of each of the above door examples.  

5-36.4.2 Door Type A (Figure 5-18). 

This blast door is designed to protect personnel and equipment from external blast 
pressures resulting from an accidental explosion. The door opening measures 8-feet 
high by 8-feet wide. It is a built-up double-leaf door consisting primarily of an exterior 
plate and a thinner interior plate both welded to a grid formed by steel tubes. Support 
rotations of each element (plate, channel, tube) have been limited to 2 degrees in order 
to assure successful operation of the panic hardware at the door interior. The direct 
blast load is transferred from the exterior plate to tubular members which form the door 
grid. The grid then transfers the loads to the door frame at the center of the opening 
through a set of pins attached to the top and bottom of the center mullions of the grid. At 
the exterior, the loads are transferred to the frame through the hinges which are 
attached to the exterior mullions and the frame. The reversal loads are also transferred 
by the pins and by the built-up door hinges. The center pins are also operated by the 
panic hardware assembly. 

5-36.4.3 Door Type B (Figure 5-19). 

This blast door is designed to prevent propagation from an accidental explosion into an 
explosives storage area. It is a built-up, sliding door protecting an opening 11-feet high 
by 16-feet wide, consisting of an exterior plate and a thinner interior plate. These plates 
are welded to vertical S-shapes which are spaced at 15-inch intervals. This door is 
designed to act as a one-way member, spanning vertically. Since flange buckling of the 
S-shapes is prohibited in the presence of the outer and inner plates acting as braces, 
the composite beam-plate arrangement is designed for a support rotation of 12 degrees. 
The yield capacity of the webs of the S-shapes in shear (Equation 5-16), as well as web 
crippling (Section 5-25), had to be considered in the design. This door has not been 
designed to resist reversal or rebound forces. 

5-36.4.4 Door Type C (Figure 5-20). 

This single-leaf blast door is designed as part of a containment cell which is used in the 
repeated testing of explosives. The door opening measures 4-feet 6-inches wide by 7-
feet 6-inches high. It is the only door, in these samples, designed elastically since it is 
subjected to repeated blast loads. It consists primarily of a thick steel door plate 
protected from test fragments by a mild steel fragment shield. It is designed as a simply-
supported (four sides) plate for direct internal loads and as a one-way element spanning 
the door width for rebound loads. It is equipped with a neoprene gasket around the 
periphery (Figure 5-17) as well as a series of six reversal bolts designed to transfer the 
rebound load into the door frame. The large thickness of the door plate warrants the use 
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of high-strength, socket head cap screws in lieu of welding to connect the plate to the 
reversal bolt housing as well as to the fragment shield. 

5-36.4.5 Door Type D (Figure 5-21). 

This single-leaf blast door is designed as part of a containment structure which is used 
to protect nearby personnel and structures in the event of an accidental explosion. The 
door opening measures 4-feet wide by 7-feet high. It is designed as simply-supported 
on four sides for direct load and as a one-way element spanning the door width for 
rebound loads. It is equipped with a neoprene gasket around the periphery and a series 
of six reversal bolts which transfer the rebound load to the door frame. The reversal bolt 
housing and bearing blocks are welded to the door plate. Excessive deflections of the 
door plate under blast loading would hamper the sealing capacity of the gasket. 
Consequently, the door plate design rotation is limited to 2 degrees. 

5-36.4.6 Other Types of Doors. 

Another type of blast door design is a steel arch or "bow" door. The tension arch door 
requires compression ties to develop the compression reactions from the arch. The 
compression arch door requires tension members to develop the tension reactions from 
the arch. These doors are illustrated in Figure 5-42. 

5-36.5 Blast Door Rebound. 

Plate or element rebound can be determined for a single-degree-of-freedom system 
subjected to a triangular pulse (see Figure 5-13). However, when a system is subjected 
to a bilinear load, only a rigorous, step-by-step dynamic analysis can determine the 
percentage of elastic rebound. In lieu of a rigorous analysis, a method of determining 
the upper bound on the rebound force is presented here. 

Three possible rebound scenarios are discussed. Figure 5-22 is helpful in describing 
each case. 

(a) Case I - Gas load not present (Pgas = 0). In this case, the required rebound 
resistance is obtained from Figure 5-13. 

(b) Case II -  tm ≤ ti  In this case, the required rebound resistance is again 
obtained from Figure 5-10. This procedure, however, can overestimate the 
rebound load. 

(c) Case III -  tm > ti  Figure 5-22 illustrates the case whereby the time to reach 
the peak response, tm, is greater than the point where the gas load begins to 
act (ti). Assuming that the gas pressure can be considered constant over a 
period of time, it will act to lower the required rebound resistance since the 
resistance time curve will oscillate about the gas pressure time curve. In this 
case, the upper bound for the required rebound resistance is: 

gasu Prr −=  5-40 
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However, in all three cases, it is recommended that the required rebound resistance be 
at least equal to 50 percent of the peak positive door response. 

5-36.6 Methods of Design. 
5-36.6.1 General. 

Techniques used for the design of two types of blast doors will be demonstrated. The 
first technique is used for the door illustrated in Figure 5-18 while the second is used for 
the door shown in Figure 5-21. Detailed procedures for the design of plate and beam 
elements, as well as the related design criteria, are presented in earlier section of this 
chapter and numerical examples are presented in Appendix A. 

5-36.6.2 Built-up Door. 

The built-up steel door shown in Figure 5-18 is constructed by welding the steel plates 
to the steel tubular grid (fillet welded to the exterior plate and plug-welded to the interior 
plate). The heavy exterior plate is designed as a continuous member supported by the 
tubes. The horizontal tubes, in turn, are designed as simply supported members, 
transferring load to the vertical tubes. The interior tubes are also designed as simply 
supported elements which transfer the direct and rebound loads to the pins while the 
side tubes transfer the direct load to the door frame proper and rebound loads to the 
hinges. The exterior tubes are also designed as simply supported elements with the 
supports located at the hinges. 

5-36.6.3 Solid Steel Plate Door. 

The steel plate of the blast door shown in Figure 5-21 is initially sized for blast 
pressures since no high speed fragments will be generated in the facility. The plate is 
sized for blast loading, considering the plate to be simply supported on four edges. The 
direct load is transferred to the four sides of the door frame. In rebound, the plate acts 
as a simple beam spanning the width of the door opening. The rebound force is 
transferred to the six reversal bolts and then into the door frame. The door frame, as 
illustrated in Figure 5-19, consists of two units; the first unit is imbedded into the 
concrete and the second unit is attached to the first one. This arrangement allows the 
first frame to be installed in the concrete wall prior to the fabrication of the door. After 
the door construction is completed, the subframe is attached to the embedded frame 
and, thus, the door installation is completed. 
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Figure 5-17 Gasket Detail for Blast Door 

 

  

1502ENGINEERING-PDH.COM 
| STR-112 |



 
 
 

1503 
 

Figure 5-18 Built-up Double-Leaf Blast Door with Frame Built into Concrete 

 

Figure 5-19 Horizontal Sliding Blast Door 
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Figure 5-20 Single-Leaf Blast Door With Fragment Shield (Very High Pressure) 

 

 

Figure 5-21 Single Leaf Blast Door (High Pressure) 
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Figure 5-22 Bilinear Blast Load and Single-Degree-of-Freedom Response for 
Determining Rebound Resistance 
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COLUMNS AND BEAM COLUMNS 

5-37 PLASTIC DESIGN CRITERIA. 
5-37.1  General. 

The design criteria for columns and beam columns must account for their behavior not 
only as individual members but also as members of the overall frame structure. 
Depending on the nature of the loading, several design cases may be encountered. 
Listed below are the necessary equations for the dynamic design of steel columns and 
beam columns. 

5-37.2 In-plane Loads. 

In the plane of bending of compression members which would develop a plastic hinge at 
ultimate loading, the slenderness ratio l/r shall not exceed the constant (Cc) defined as: 

Cc = (2π2E/fds)1/2 5-41 

where, 

E =  modulus of elasticity of steel (psi) 
fds =  dynamic design stress (see Section 5-13) 

The ultimate strength of an axially loaded compression member shall be taken as: 

Pu = 1.7AFa 5-42 

where 

A =  gross area of member, 

=aF   
( )( )

( ) ( )
and ,

//8//33/5
2//1

33

22

cc

dsc

CrKlCrKl
fCrKl

−+

−  

Kl/r =  largest effective slenderness ratio listed in Table 5-10 or 5-11 

5-37.3 Combined Axial Loads and Biaxial Bending. 

Members subject to combined axial load and biaxial bending moment should be 
proportioned so as to satisfy the following set of interaction formulas: 

P/Pu + CmxMx /(1 - P/Pex)Mmx + CmyMy /(1 - P/Pey)My ≤ 1.0 5-44 

P/Pp + Mx /1.18Mpx + My /1.18Mpy ≤ 1.0 for P/Pp ≥ 0.15 5-45 
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or 

Mx /Mpx + My /Mpy ≤ 1.0 for P/Pp < 0.15 5-46 

where 

Mx, My =  maximum applied moments about the x- and y-axes 
P =  applied axial load 
Pex =  23/12AF'ex 
Pey =  23/12Af'ey 
F'ex =  12π2E/[23(Klb/rx)2] 
F'ey =  12π2E/[23(Klb/ry)2] 
lb =  actual unbraced length in the plane of bending 
rx, ry = corresponding radii of gyration 
Pp =  Afds 
Cmx, Cmy =  coefficients applied to bending term in interaction formula and dependent 

upon column curvature caused by applied moments (AISC Specification, Section 
1.6.1) 

Mpx, Mpy =  plastic bending capacities about x and y axes (Mpx = Zxfds, Mpy = Zyfds) 
Mmx, Mmy =  moments that can be resisted by the member in the absence of axial load 

For columns braced in the weak direction, Mmx = Mpx and Mmy = Mpy. 

When columns are unbraced in the weak direction: 

Mmx = [1.07 - (l/ry) (fds)1/2 /3160] Mpx ≤ Mpx 5-47 

Mmy = [1.07 - (l/rx) (fds)1/2 /3160] Mpy ≤ Mpy 5-48 

Subscripts x and y indicate the axis of bending about which a particular design property 
applies. Also, columns may be considered braced in the weak direction when the 
provisions of Section 5-26 are satisfied. In addition, beam columns should also satisfy 
the requirements of Section 5-23. 

5-38 EFFECTIVE LENGTH RATIOS FOR BEAM-COLUMNS. 

The basis for determining the effective lengths of beam columns for use in the 
calculation of Pu, Pex, Mmx, and Mmy in plastic design is outlined below. 

For plastically designed braced and unbraced planar frames which are supported 
against displacement normal to their planes, the effective length ratios in Tables 5-10 
and 5-11 shall apply. 

Table 5-10 corresponds to bending about the strong axis of a member, while Table 5-11 
corresponds to bending about the weak axis. In each case, l is the distance between 
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points of lateral support corresponding to rx or ry, as applicable. The effective length 
factor, K, in the plane of bending shall be governed by the provisions of Section 5-40. 

For columns subjected to biaxial bending, the effective lengths given in Tables 5-10 and 
5-11 apply for bending about the respective axes, except that Pu for unbraced frames 
shall be based on the larger of the ratios Kl/rx or Kl/ry. In addition, the larger of the 
slenderness ratios, l/rx or l/ry, shall not exceed Cc. 

5-39 EFFECTIVE LENGTH FACTOR, K. 

In plastic design, it is usually sufficiently accurate to use the K factors from Table C1.8.1 
of the AISC Manual (reproduced here as Table 5-12) for the condition closest to that in 
question rather than to refer to the alignment chart (Figure C.1.8.2 of AISC Manual). It is 
permissible to interpolate between different conditions in Table 5-12 using engineering 
judgment. In general, a design value of K equal to 1.5 is conservative for the columns of 
unbraced frames when the base of the column is assumed pinned, since conventional 
column base details will usually provide partial rotational restraint at the column base. 
For girders of unbraced frames, a design K value of 0.75 is recommended. 

 

Table 5-10 Effective Length Ratios for Beam Columns (Webs of members in the 
plane of the frame; i.e., bending about the strong axis) 

Braced Planar Frames* 
One-and Two-Story 

Unbraced Planar Frames* 

Pu     Use larger ratio, l/ry or l/rx Use larger ratio, l/ry or Kl/rx 

Pex    Use l/rx Use Kl/rx 

Mmx   Use l/ry Use l/ry 

* l/rx shall not exceed Cc. 
 

Table 5-11 Effective Length Ratios for Beam Columns (Flanges of members in the 
plane of the frame: i.e., bending about the weak axis) 

Braced Planar Frames* 
One- and Two-Story 

Unbraced Planar Frames* 

Pu     Use larger ratio, l/ry or l/rx Use larger ratio,  l/rx or Kl/ry 

Pey    Use l/ry Use Kl/ry 

Mmy    Use l/rx Use l/rx 

* l/ry shall not exceed Cc. 
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Table 5-12 Effective Length Factors for Columns and Beam-Columns 
 

Buckled shape 
of column is 

shown by 
dashed line. 

(a) 

 

(b) (c) (d) (e) 

 

(f) 

Theoretical K 
value 0.5 0.7 1.0 1.0 2.0 2.0 

Recommended 
design value 
when ideal 
conditions are 
approximated 

0.65 0.80 1.2 1.0 2.10 2.0 

End condition 
code 

 
Rotation fixed and translation fixed. 

 
Rotation free and translation fixed. 

 
Rotation fixed and translation free. 

 
Rotation free and translation free. 
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FRAME DESIGN 

5-40 GENERAL. 

The dynamic plastic design of frames for blast resistant structures is oriented toward 
industrial building applications common to ammunition manufacturing and storage 
facilities, i.e., relatively low, single-story, multi-bay structures. This treatment applies 
principally to acceptor structures subjected to relatively low blast overpressures. 

The design of blast resistant frames is characterized by (a) simultaneous application of 
vertical and horizontal pressure-time loadings with peak pressures considerably in 
excess of conventional loads, (b) design criteria permitting inelastic local and overall 
dynamic structural deformations (deflections and rotations), and (c) design requirements 
dictated by the operational needs of the facility and the need for reusability with minor 
repair work after an incident must be considered. 

Rigid frame construction is recommended in the design of blast resistant structures 
since this system provides open interior space combined with substantial resistance to 
lateral forces. In addition, this type of construction possesses inherent energy 
absorption capability due to the successive development of plastic hinges up to the 
ultimate capacity of the structure. However, where the interior space and wall opening 
requirements permit, it may be as effective to provide bracing. 

The particular objective in this section is to provide rational procedures for efficiently 
performing the preliminary design of blast resistant frames. Rigid frames as well as 
frames with supplementary bracing and with rigid or nonrigid connections are 
considered. In both cases, preliminary dynamic load factors are provided for 
establishing equivalent static loads for both the local and overall frame mechanism. 
Based upon the mechanism method, as employed in static plastic design, estimates are 
made for the required plastic bending capacities as well as approximate values for the 
axial loads and shears in the frame members. The dynamic deflections and rotations in 
the sidesway and local beam mechanism modes are estimated based upon single 
degree-of-freedom analyses. The design criteria and the procedures established for the 
design of individual members previously discussed apply for this preliminary design 
procedure. 

In order to confirm that a trial design meets the recommended deformation criteria of 
Table 5-8 and to verify the adequacy of the member sizes established on the basis of 
estimated dynamic forces and moments, a rigorous frame analysis should be 
performed. This analysis should consider the moments produced by the axial load 
deflection P-delta effects in determining the sizes of individual elements. Several 
computer programs are available through the repositories listed in Section 5-4. These 
programs have the capability of performing a multi-degree-of-freedom, nonlinear, 
dynamic analysis of braced and unbraced, rigid and nonrigid frames of one or more 
story structures. 
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5-41 TRIAL DESIGN OF SINGLE-STORY RIGID FRAMES. 
5-41.1 Collapse Mechanisms. 

General expressions for the possible collapse mechanism of single-story rigid frames 
are presented in Table 5-13 for pinned and fixed base frames subjected to combined 
vertical and horizontal blast loads. 

The objective of this trial design is to proportion the frame members such that the 
governing mechanism represents an economical solution. For a particular frame, the 
ratio of horizontal to vertical peak loading denoted by α is influenced by the horizontal 
frame plan of the structure and is determined as follows: 

α = qh /qv 5-49 

where 

qv =  pvbv = peak vertical load on rigid frame 
qh =  phbh = peak horizontal load on rigid frame 
pv =  blast overpressure on roof 
ph =  reflected blast pressure on front wall 
bv =  tributary width for vertical loading 
bh =  tributary width for horizontal loading 

The orientation of the roof purlins with respect to the blast load directions are shown in 
Figure 5-23. The value of α will usually lie in the range from about 1.8 to 2.5 when the 
direction of the blast load is perpendicular to the roof purlins. In this case, the roof 
purlins are supported by the frame and the tributary width is the same for the horizontal 
and vertical load. The value of α is much higher when the direction of the blast load is 
parallel to the roof purlins. In this case, the roof purlins are not supported by the girder 
of the frame and the tributary width of the vertical loading (bv = purlin spacing) is much 
smaller than the tributary width of the horizontal loading (bh = frame spacing). 

It is assumed in this procedure that the plastic bending capacity of the roof girder, Mp, is 
constant for all bays. The capacity of the exterior and interior columns are taken as CMp 
and C1Mp, respectively. Since the exterior column is generally subjected to reflected 
pressures, it is recommended that a value of C greater than 1.0 be selected. In 
analyzing a given frame with certain member properties, the controlling mechanism is 
the one with the lowest resistance. In design, however, the load is fixed and the 
required design plastic moment is the largest Mp value obtained from all possible 
mechanisms. For that purpose, C and C1 should be selected so as to minimize the 
value of the maximum required Mp from among all possible mechanisms. After a few 
trials, it will become obvious which choice of C and C1 tends to minimize the largest 
value of Mp. 
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5-41.2 Dynamic Deflections and Rotations. 

It will normally be more economical to proportion the members so that the controlling 
failure mechanism is a combined mechanism rather than a beam mechanism. The 
mechanism having the least resistance constitutes an acceptable mode of failure 
provided that the magnitudes of the maximum deflections and rotations do not exceed 
the maximum values recommended in Table 5-8. 

5-41.3 Dynamic Load Factors. 

To obtain initial estimates of the required mechanism resistance, the dynamic load 
factors listed in this section may be used to obtain equivalent static loads for the 
indicated mechanisms. These load factors are necessarily approximate and make no 
distinction for different end conditions. However, they are expected to result in 
reasonable estimates of the required resistance for a trial design. Once the trial member 
sizes are established, then the natural period and deflection of the frame can be 
calculated. 

It is recommended that the DLF for a beam collapse mechanism be equal to 1.25 while 
that for a panel or combined collapse mechanism be equal to 0.625. The DLF for a 
frame is lower than that for a beam mechanism, since the natural period of vibration in 
the sidesway mode will normally be much greater than the natural periods of vibration of 
the individual elements. 

5-41.4 Loads in Frame Members. 

Estimates of the peak axial forces in the girders and the peak shears in the columns are 
obtained from Figure 5-24. In applying the values of Figure 5-24, the equivalent 
horizontal static load shall be computed using the dynamic load factor for a panel or 
combined sidesway mechanism. 

Preliminary values of the peak axial loads in the columns and the peak shears in the 
girders may be computed by multiplying the equivalent vertical static load by the roof 
tributary area. Since the axial loads in the columns are due to the reaction from the roof 
girders, the equivalent static vertical load should be computed using the dynamic load 
factor for the beam mechanism. 

5-41.5 Sizing of Frame Members. 

Each member in a frame under the action of horizontal and vertical blast loads is 
subjected to combined bending moments and axial loads. However, the phasing 
between critical values of the axial force and bending moment cannot be established 
using a simplified analysis. Therefore, it is recommended that the peak axial loads and 
moments obtained from Figure 5-24 be assumed to act concurrently for the purpose of 
trial beam-column design. The overall resistance of the frame depends upon the 
ultimate strength of the members acting as beam-columns. 

When an exterior frame of a building is positioned such that the shock front is parallel to 
frame, the loadings on each end of the building are equal and sidesway action will only 
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occur in the direction of the shock wave propagation. Frame action will also be in one 
direction, in the direction of the sidesway. If the blast wave impinges on a building from 
a quartering direction, then the columns and girders in the exterior frames are subjected 
to biaxial bending due to the simultaneous loads acting on the various faces of the 
structure. This action will also cause sidesway in both directions of the structure. The 
interior girders will usually be subjected to bending in one direction only. However, 
interior columns may be subjected to either uniaxial or biaxial bending, depending upon 
the column connections to the girder system. In such cases, the moments and forces 
can be calculated by analyzing the response of the frame in each direction and 
superimposing the respective moments and forces acting on the individual elements. 
This approach is generally conservative since it assumes that the peak values of the 
forces in one direction occur simultaneously throughout the three-dimensional structure. 

Having estimated the maximum values of the forces and moments throughout the 
frame, the preliminary sizing of the members can be performed using the criteria 
previously presented for beams and columns. 

5-41.6 Stiffness and Deflection. 

The stiffness factor K for single-story rectangular frames subjected to uniform horizontal 
loading is defined in Table 5-14. Considering an equivalent single degree-of-freedom 
system, the sidesway natural period of this frame is 

TN = 2π(me/KKL)1/2 5-50 

where KL is a load factor that modifies K, the frame stiffness, due to a uniform load, so 
that the product KKL is the equivalent stiffness due to a unit load applied at the 
equivalent lumped mass me. 

The load factor is given by 

KL = 0.55 (1 - 0.25ß) 5-51 

where ß is the base fixity factor and is equal to zero and one for pinned base and fixed 
base frames, respectively. 

The equivalent mass me to be used in calculating the period of a sidesway mode 
consists of the total roof mass plus one-third of the column and wall masses. Since all of 
these masses are considered to be concentrated at the roof level, the mass factor, KM, 
is equal to one. 

The limiting resistance Ru is given by 

Ru = αwH 5-52 
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where w is equal to the equivalent static uniform load based on the dynamic load factor 
for a panel or combined sidesway mechanism. 

The equivalent elastic deflection XE corresponding to Ru is 

XE = Ru / KE 5-53 

Knowing the sidesway resistance Ru and the sidesway natural period of vibration Tn, the 
ductility ratio (μ) for the sidesway deflection of the frame can be computed using the 
dynamic response charts (Chapter 3). The maximum deflection Xm is then calculated 
from 

Xm = μXE 5-54 

where 

μ =  ductility ratio in sidesway 

5-42 TRIAL DESIGN OF SINGLE-STORY FRAMES WITH 
SUPPLEMENTARY BRACING. 

5-42.1 General. 

Frames with supplementary bracing can consist of (a) rigid frames in one direction and 
bracing in the other direction, (b) braced frames in two directions with rigid connections, 
and (c) braced frames in two directions with pinned connections. Most braced frames 
utilize pinned connections. 

5-42.2 Collapse Mechanisms.  

The possible collapse mechanisms of single-story frames with diagonal tension bracing 
(X-bracing) are presented in Tables 5-15 and 5-16 for pinned-base frames with rigid and 
nonrigid girder-to-column connections, respectively. In these tables, the cross sectional 
area of the tension brace is denoted by Ab, the dynamic design stress for the bracing 
member is fds, and the number of braced bays is denoted by the parameter m. In each 
case, the ultimate capacity of the frame is expressed in terms of the equivalent static 
load and the member ultimate strength (either Mp or Abfds). In developing these 
expressions in the tables, the same assumptions were made as for rigid frames, i.e., Mp 
for the roof girder is constant for all bays, the bay width L is constant, and the column 
moment capacity coefficient C is greater than 1.0. 

For rigid frames with tension bracing, it is necessary to vary C, C1, and Ab in order to 
achieve an economical design. When nonrigid girder to column connections are used, C 
and C1 drop out of the resistance function for the sidesway mechanism and the area of 
the bracing can be calculated directly. 
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5-42.3 Bracing Ductility Ratio. 

Tension brace members are not expected to remain elastic under the blast loading. 
Therefore, it is necessary to determine if this yielding will be excessive when the system 
is permitted to deflect to the limits of the design criteria previously given. 

The ductility ratio associated with tension yielding of the bracing is defined as the 
maximum strain in the brace divided by its yield strain. Assuming small deflections and 
neglecting axial deformations in the girders and columns, the ductility ratio is given by 

μ = δ (cos2γ) E/Lfds 5-55 

where 

μ =  ductility ratio 
δ =  sidesway deflection, inches 
γ =  vertical angle between the bracing and a horizontal plane 
L =  bay width, inches 

From the deflection criteria, the sidesway deflection is limited to H/25. The ductility ratio 
can be expressed further as 

μ = (H/25L)(cos2γ)(E/fds) 5-56 

5-42.4 Dynamic Load Factor. 

The dynamic load factors listed in Section 5-41.3 may also be used as a rational starting 
point for a preliminary design of a braced frame. In general, the sidesway stiffness of 
braced frames is greater than unbraced frames and the corresponding panel or 
sidesway dynamic load factor may also be greater. However, since these dynamic load 
factors are necessarily approximate and serve only as a starting point for a preliminary 
design, refinements to these factors for frames with supplementary diagonal braces are 
not warranted. 

5-42.5 Loads in Frame Members. 

Estimates of the peak axial loads in the girders and the peak shears in the columns of a 
braced rigid frame are obtained from Figure 5-25. It should be noted that the shear in 
the blastward column and the axial load in the exterior girder are the same as the rigid 
frame shown in Figure 5-24. The shears in the interior columns V2 are not affected by 
the braces while the axial loads in the interior girders P are reduced by the horizontal 
components of the force in the brace FH. If a bay is not braced, then the value of FH 
must be set equal to zero when calculating the axial load in the girder of the next braced 
bay. To avoid an error, horizontal equilibrium should be checked using the formula: 
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Ru = V1 + nV2 + mFH 5-57 

where 

Ru, V1, V2 and FH are defined in Figure 5-25 
n = number of bays 
m = number of braced bays 

In addition, the value of Mp used in Figure 5-25 is simply the design plastic moment 
obtained from the controlling panel or combined mechanism. 

An estimate of the peak loads for braced frames with nonrigid girder to column 
connections may be obtained using Figure 5-25. However, the value of Mp must be set 
equal to zero. For such cases, the entire horizontal load is taken by the exterior column 
and bracing. There is no shear force in the interior columns. 

Preliminary values of the peak axial loads in the columns and the peak shears in the 
girders are obtained in the same manner as rigid frames. However, in computing the 
axial loads in the columns, the vertical components of the forces in the tension braces 
must be added to the vertical shear in the roof girders. The vertical component of the 
force in the brace is given by 

Fv = Abfdssin γ 5-58 

The reactions from the braces will also affect the load on the foundation of the frame; 
therefore, the design of the footings must include these loads. 

5-42.6 Stiffness and Deflection. 

The equations for determining the sidesway natural period of vibration and the 
deflection at yield for braced frames are similar to that of rigid frames. The primary 
difference is the inclusion of the horizontal stiffness (Kb) provided by tension bracing. 
The equations for the natural period and elastic deflection are as follows: 

Natural period of vibration is 

TN = 2π [me /KKL + Kb)]1/2 5-59 

and the equivalent elastic deflection is 

XE = Ru /(KKL + Kb) 5-60 

The horizontal stiffness of the tension bracing is given by 
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Kb = (nAbE cos3γ)/L 5-61 

and other values have been defined previously. It may be noted that for braced frames 
with nonrigid girder-to-column connections, the value of the frame stiffness (K) is equal 
to zero. 

5-42.7 Slenderness Requirements for Diagonal Braces. 

The slenderness ratio of the bracing should be less than 300 to prevent vibration and 
"slapping." This design condition can be expressed as 

rb ≥ Lb /300 5-62 

where 

rb =  minimum radius of gyration of the bracing member 
Lb =  length between points of support 

Even though a compression brace is not considered effective in providing resistance, 
the tension and compression braces should be connected where they cross. In this 
manner, Lb for each brace may be taken equal to half of its total length. 

5-42.8 Sizing of Frame Members. 

Estimating the maximum forces and moments in frames with supplementary bracing is 
similar to the procedures described for rigid frames. However, the procedure is slightly 
more involved since it is necessary to assume a value for the brace area in addition to 
the assumptions for the coefficients C and C1. For frames with nonrigid connections, C 
and C1 do not appear in the resistance formula for a sidesway mechanism and Ab can 
be determined directly. In selecting a trial value of Ab for frames with rigid connections, 
the minimum brace size is controlled by slenderness requirements. In addition, in each 
particular application, there will be a limiting value of Ab beyond which there will be no 
substantial weight savings in the frame members since there are maximum slenderness 
requirements for the frame members. In general, values of Ab of about 2 square inches 
will result in a substantial increase in the overall resistance for frames with rigid 
connections. Hence, an assumed brace area in this range is recommended as a starting 
point. The design of the beams and columns of the frames follow the procedures 
previously presented. 
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Figure 5-23 Orientation of Roof Purlins with Respect to Blast Load Direction for 
Frame Blast Loading 

PERPENDICULAR 
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Figure 5-24 Estimate of Peak Shears and Axial Loads in Rigid Frames Due to 
Horizontal Loads 
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Figure 5-25 Estimates of Peak Shears and Axial Loads in Braced Frames Due to 
Horizontal Loads 
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Table 5-13 Collapse Mechanisms for Rigid Frames with Fixed and Pinned Bases 

COLLAPSE MECHANISM 
PLASTIC MOMENT MP 

PINNED BASES FIXED BASES 

1. BEAM MECHANISM 

 

16

2wL
 16

2wL  

2. BEAM MECHANISM 

 

( )124

2

+C
wHα  ( )134

2

+C
wHα  

3a. PANEL MECHANISM 

 

( ) ( )*2
12

1
2 1

1

2
<

−+
× C

Cn
wHα

( ) ( )*2
11
1

4 1
1

2
<

+−+
× C

CCn
wHα  

3b. PANEL MECHANISM 

 

( )*2
4 1

2
>C

n
wHα  

( ) ( ) ( )*2
12

1
2 1

1

2
>

−++
× C

CnCn
wHα

4. COMBINED MECHANISM 

 

⎟
⎠
⎞

⎜
⎝
⎛ + 22

28
LnH

n
w α  

( ) ( ) 1

22

122
2

2 CnCn

LnHw
−++

+
×

α
 

5a. COMBINED MECHANISM 

 ( )
( )*2

1
22

1
8
3

1
1

2

<
−++

C
n

C
C

wHα
 

( )
( )*2

2
11

2
5

8
3

1

1

2

<
+−+

C
CnC

wHα
 

5b. COMBINED MECHANISM 

 

( )*2

2
1

8
3

1

2

>
⎟
⎠

⎞
⎜
⎝

⎛ −+
C

nC

wHα
 

( )
( )*2

2
1

2
1

2
5

8
3

1
1

2

>
⎟
⎠

⎞
⎜
⎝

⎛ −+−+
C

n
C

nC

wHα
 

6. COMBINED MECHANISM 

 

( )[ ]
⎟
⎠
⎞

⎜
⎝
⎛ −+

−+

2
32

13
8

22

nC

LnHw α
 

( )[ ]
( ) ⎟

⎠
⎞

⎜
⎝
⎛ −+−+

−+

2
32

2
1

2
5

13
8

1

22

n
C

nC

LnHw α
 

 

n = number of bays    = 1,2,3,… 
 
w = uniform equivalent static load 

* For C1 = 2 hinges form in the girders and columns at interior joints  
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Table 5-14 Stiffness Factors for Single Story, Multi-Bay Rigid Frames Subjected to 
Uniform Horizontal Loading 

( )( )[ ]11.07.01=K FACTOR STIFFNESS 23 −−+×× nC
H
EIca β  

( )

( )∑ +=

=

+
=

=

1/

/25.075.0
/

** FACTORFIXITY  BASE

BAYSOFNUMBER = 

nIINERTIAOF
MOMENTCOLUMNAVERAGEI

HI
LI

D

n

c

ca

ca

g

β

β

 

 

 

D 

C2 

β = 1.0 β = 0.5* β = 0 

0.25 26.7 14.9 3.06 

0.50 32.0 17.8 4.65 

1.00 37.3 20.6 6.04 

* Values of C2 are approximate for this β 

** β = 1.0 for fixed base 

 = 0.0 for hinged base 

 
where: 

E = modulus of elasticity (psi) 
Ica, Ig, Ic = moment of inertia (in.4) 
H = height (feet) 
L = bay length (feet) 
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Table 5-15 Collapse Mechanisms for Rigid Frames with Supplementary Bracing and 
Pinned Bases 

COLLAPSE MECHANISM PLASTIC MOMENT MP 

1. BEAM MECHANISM 

 
16

2wL  

2. BEAM MECHANISM 

 
( )124

2

+C
wHα  

3a. PANEL MECHANISM 

 
( ) ( )*2

12
1cos

2 1
1

2
<

−+⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
− C

Cn
HfmAwH

dsb γα  

3b. PANEL MECHANISM 

 ( )*2

2
cos

4

1

2

>

−

C

n
HfmA

n
wH dsb γα

 

4. COMBINED MECHANISM 

 
n
HfmA

LnH
n

w dsb

4
cos

28
22 γ

α −⎟
⎠
⎞

⎜
⎝
⎛ +  

5a. COMBINED MECHANISM 

 ( )
( )*2

1
22

1

cos
28

3

1
1

2

<
−++

−
C

n
C

C

HfAmwH dsb γα
 

5b. COMBINED MECHANISM 

 

( )*2

2
1

cos
28

3

1

2

>
⎟
⎠

⎞
⎜
⎝

⎛ −+

−
C

nC

HfAmwH dsb γα
 

6. COMBINED MECHANISM 

 

( )[ ]

⎟
⎠
⎞

⎜
⎝
⎛ −+

−−+

2
32

cos
2

13
8

nC

HfAmLnHw
dsb γα

 

 

m = number of braced bays 

n = number of bays   = 1,2,3,… 

w = uniform equivalent static load 

* For C1 = 2 hinges form in the girders and columns at interior joints 
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Table 5-16 Collapse Mechanisms for Frames with Supplementary Bracing, Nonrigid 
Girder-to-Column Connections and Pinned Bases. 

COLLAPSE MECHANISM ULTIMATE CAPACITY FRAMING 
TYPE 

1. BEAM MECHANISM EXTERIOR GIRDER 

 16/

12/

8/

2

2

2

wLM

wLM

wLM

p

p

p

=

=

=

 
c 
d 
e 

2. BEAM MECHANISM INTERIOR GIRDER 

 
16/

8/
2

2

wLM

wLM

p

p

=

=
 c 

d & e 

3. BEAM MECHANISM BLASTWARD 
COLUMN 

 
( )124

8/
2

2

+
=

=

C
wHM

wHM

p

p

α

α
 c & d 

  

e 

4. PANEL MECHANISM 

 
γγ

α

γα

cos
2

cos2

cos2/

mH
M

m
wHfA

mwHfA

p
dsb

dsb

−=

=

 
c & d 

  
e 

5. COMBINED MECHANISM 

 

( )
γγ

α
cos
12

cos4
3

mH
MC

m
wHfA p

dsb
+

−=  e 

Girder Framing Type: 

c Girder simply supported between columns 

d Girder continuous over columns 

e Girder continuous over columns and rigidly connected to exterior columns only 

m = number of braced bays 

w = uniform equivalent static load 
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CONNECTIONS 

5-43 GENERAL. 

The connections in a steel structure designed in accordance with plastic design 
concepts must fulfill their function up to the ultimate load capacity of the structure. In 
order to allow the members to reach their full plastic moments, the connections must be 
capable of transferring moments, shears and axial loads with sufficient strength, proper 
stiffness and adequate rotation capacity. 

Connections must be designed with consideration of economical fabrication and ease of 
erection. Connecting devices may be rivets, bolts, welds, screws or various 
combinations thereof. 

5-44 TYPES OF CONNECTIONS. 

The various connection types generally encountered in steel structures can be classified 
as primary member connections, secondary member connections and panel 
attachments. Primary member connections are corner frame, beam-to-column, beam-
to-girder and column base connections as well as splices. Secondary member 
connections are purlin-to-frame, girt-to-frame and bracing connections. Panel 
attachments are roof-to-floor panel and wall siding connections. 

Primary member connections refer to those used in design and construction of the 
framing of primary members. They generally involve the attachment of hot-rolled 
sections to one another, either to create specific support conditions or to achieve 
continuity of a member or the structure. In that respect, connections used in framing 
may be classified into three groups, namely, rigid, flexible (nonrigid) and semirigid, 
depending upon their degree of restraint which is the ratio of the actual end moment 
that may be developed to the end moment in a fully fixed-ended beam. Approximately, 
the degree of restraint is generally considered as over 90 percent for rigid connections, 
between 20 to 90 percent for semirigid connections and below 20 percent for flexible 
connections. 

It should be mentioned that the strength and rotation characteristics of semirigid 
connections are dependent upon the properties of the intermediate connection elements 
(angles, plates, tees) and thus, are subject to much variation. Since semirigid structural 
analyses are seldom undertaken due to their great complexity, no further details on 
semirigid connections will be given here. 

Secondary member connections are used to fasten members such as purlins, girts or 
bracing members to the primary members of a frame, either directly or by means of 
auxiliary sections such as angles and tees. 

Basic requirements for primary and secondary member connections, as well as general 
guidelines for proper design, are presented in Sections 5-45 and 5-46. In addition, 
dynamic design stresses to be used in the selection and sizing of fastening devices are 
given in Section 5-47. 
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Panel attachments are used to attach elements of the skin or outer shell of an 
installation as well as floor and wall panels to the supporting skeleton. Connections of 
this type are distinguished by the fact that they fasten relatively thin sheet material to 
one another or to heavier rolled sections. Roof decks and wall siding have to withstand 
during their lifetime (apart from accidental blast loads) exposure to weather, uplift 
forces, buffeting and vibration due to winds, etc. For this reason, and because of their 
widespread use, special care should be taken in design to ensure their adequate 
behavior. Some basic requirements for panel connections are presented in Section 5-
48. 

5-45 REQUIREMENTS FOR MAIN FRAMING CONNECTIONS. 
The design requirements for frame connections may be illustrated by consider ing the 
behavior of a typical corner connection as shown in Figure 5-26. Two members are 
joined together without stiffening of the corner web. Assuming that the web thickness is 
insufficient, the behavior of the connection is represented by Curve 1 which shows that 
yielding due to shear force starts at a relatively low load. Even though the connection 
rotates past the required hinge rotation, the plastic moment Mp is not reached. In 
addition, the elastic deformations are also larger than those assumed by the theoretical 
design curve. 
A second and different connection may behave as indicated by Curve 2. Although the 
elastic stiffness is satisfactory and the maximum capacity exceeds Mp, the connection 
failed before reaching the required hinge rotation and thus, is unsatisfactory. 
These considerations indicate that connections must be designed for strength, stiffness 
and rotation capacity. They must transmit the required moment, shear and axial load, 
and develop the plastic moment Mp of the members. 
Normally, an examination of a connection to see if it meets the requirements of stiffness 
will not be necessary. Compared to the total length of the member, the length of the 
connection is small, and, if the connection is slightly more flexible than the member 
which it joins, the general effect on the structural behavior is not great. Approximately, 
the average unit rotation of the connecting zone should not exceed that of an equivalent 
length of the members being joined. 
Of equal importance with the strength of the connection is an adequate reserve of 
ductility after the plastic moment has been attained. Rotation capacity at plastic hinge 
locations is essential to the development of the full ultimate load capacity of the 
structure. 
5-46 DESIGN OF CONNECTIONS. 
It is not the intent of this section to present procedures and equations for the design of 
the various types of connections likely to be encountered in the blast-resistant design of 
a steel structure. Instead, the considerations necessary for a proper design will be 
outlined. 

After completion of the dynamic analysis of the structure, the members are sized for the 
given loadings. The moments, shears, and axial loads at the connections are known. 
Full recognition must be given to the consideration of rebound or stress reversal in 
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designing the connections. Additionally, in continuous structures, the maximum values 
of P, M, and V may not occur simultaneously and thus, several combinations may have 
to be considered. With rigid connections such as a continuous column-girder 
intersection, the web area within the boundaries of the connection should meet the 
shear stress requirements of Section 5-23. If the web area is unsatisfactory, diagonal 
stiffeners or web doubler plates should be provided. 

Stiffeners will normally be required to prevent web crippling and preserve flange 
continuity wherever flange-to-flange connections occur at columns in a continuous 
frame. Web crippling must also be checked at points of load application such as beam-
girder intersections. In these cases, the requirements of Section 5-25 of this chapter 
and Sections 1.10.5 and 1.10.10 of the AISC Specification must be considered. 

Since bolted joints will develop yield stresses only after slippage of the members has 
occurred, the use of friction-type bolted connections is not recommended. 

5-47 DYNAMIC DESIGN STRESSES FOR CONNECTIONS. 

In accordance with Section 2.8 of the AISC Specification, bolts, rivets and welds shall 
be proportioned to resist the maximum forces using stresses equal to 1.7 times those 
given in Part 1 of the Specification. Additionally, these stresses are increased by the 
dynamic increase factor specified in Section 5-12.2; hence, 

fd = 1.7cfs 5-63 

where 

fd =  the maximum dynamic design stress for connections 
c =  the dynamic increase factor (Figure 5-2 or Table 5-2) 
fs =  the allowable equivalent static design stress of the bolt, rivet, or weld 

Rather than compiling new tables for maximum dynamic loads for the various types of 
connections, the designer will find it advantageous to divide the forces being considered 
by the factor 1.7c and then to refer to the allowable load tables in Part 1 of the AISC 
Specification. 

5-48 REQUIREMENTS FOR FLOOR AND WALL PANEL CONNECTIONS. 

Panel connections, in general, can be considered either panel-to-panel connections, or 
panel-to-supporting-frame connections. The former type involves the attachment of 
relatively light-gage materials to each other such that they act together as an integral 
unit. The latter type is generally used to attach sheet panels to heavier cross sections. 

The most common type of fastener for decking and steel wall panels is the self-tapping 
screw with or without washer. Even for conventional design and regular wind loading, 
the screw fasteners have often been the source of local failure by tearing the sheeting 
material. It is evident that under blast loading and particularly on rebound, screw 
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connectors will be even more vulnerable to this type of failure. Special care should be 
taken in design to reduce the probability of failure by using oversized washers and/or 
increased material thickness at the connection itself.  

Due to the magnitude of forces involved, special types of connectors, as shown in 
Figure 5-27, will usually be necessary. These may consist of self-piercing, self-tapping 
screws of larger diameters with oversized washers, puddle welds or washer plug welds, 
threaded connectors fired into the elements to be attached, or threaded studs, welded 
to the supporting members, which fasten the panel by means of a special arrangement 
of bushing and nut. 

Apart from fulfilling their function of cladding and load-resisting surfaces, by carrying 
loads perpendicular to their surface, floor, roof and wall, steel panels can, when 
adequately connected, develop substantial resistance to in-plane forces, acting as 
diaphragms contributing a great deal to the overall stiffness and stability of the structure. 
As a result, decking connections are, in many cases, subjected to a combination of 
shearing forces and pull-out forces. It is to be remembered also that after the panel has 
deflected under blast loading, the catenary action sustained by the flat sheet of the 
decking represents an important reserve capacity against total collapse. To allow for 
such catenary action to take place, connectors and especially end connectors should be 
made strong enough to withstand the membrane forces that develop. 

Figure 5-26 Corner Connection Behavior 
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Figure 5-27 Typical Connections for Cold-Formed Steel Panels 

 

  

1530ENGINEERING-PDH.COM 
| STR-112 |



 
 
 

1531 
 

FRAGMENT PENETRATION 

5-49 PENETRATION OF FRAGMENTS INTO STEEL. 
5-49.1 Failure Mechanisms. 

In deriving a prediction equation for the penetration and perforation of steel plates, it is 
important to recognize the failure mechanisms. The failure mode of primary concern in 
mild to medium hard homogeneous steel plates subjected to normal impact is ductile 
failure. In this mode, as the missile penetrates the plate, plastically deformed material is 
pushed aside and petals or lips are formed on both the front and back faces with no 
material being ejected from the plate. For plates with Brinell hardness values above 
300, failure by "plugging" is a strong possibility. In this brittle mode of failure, a plug of 
material is formed ahead of the penetrating missile and is ejected from the back side of 
the plate. A third mode of failure is disking or flaking, in which circular disks or irregular 
flakes are thrown from the back face. This type of failure is mainly a concern with plates 
of inferior quality steel and should not, therefore, be a common problem in the design of 
protective structures. 

5-49.2 Primary Fragment Penetration Equations. 

ln protective design involving primary fragments, a penetration equation is required 
which yields reliable estimates corresponding to the standard primary fragment 
illustrated in Figure 4-77 of Chapter 4. These design equations consider only normal 
penetration which is critical for the design of protective structures. These equations 
apply to penetration into mild steel and are conservative for plates with a Brinell 
hardness value above 150. Steel penetration equations in design for primary fragment 
impact are expressed in the following forms: 

For AP steel fragments penetrating mild steel plates, 

x = 0.30 Wf
0.33 Vs

1.22 5-64 

and for mild steel fragments penetrating mild steel plates, 

x = 0.21 Wf
0.33 Vs

1.22 5-65 

where 

x =  depth of penetration (in) 
Wf =  fragment weight (oz) 
Vs =  striking velocity of fragment (kfps) 

Charts for steel penetration by primary fragments according to these equations are 
presented in Figures 5-28 and 5-29. 
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To estimate the penetration of metal fragments other than armor piercing, the 
procedures outlined in Section 4-60.3 of Chapter 4 are entirely applicable to steel 
plates. 

5-49.3 Residual Velocity After Perforation of Steel Plate. 

The penetration equations presented in Section 5-49.2 may be used for predicting the 
occurrence of perforation of metallic barriers and for calculating the residual fragment 
velocity after perforation. 

For normal impact of a steel fragment, with the shape illustrated in Figure 4-77 of 
Chapter 4, the equation for residual velocity is 

Vr /Vs = [1 - (Vx /Vs)2]1/2 / (1 + t/d) 5-66 

where 

Vr =  residual velocity 
Vs =  striking velocity 
Vx =  critical perforation velocity for the fragment of impacting the plate of thickness t 

(see explanation below) 
d =  diameter of cylindrical portion of fragment (in), as illustrated in Figure 4-77 of 

Chapter 4 

The value of Vx is determined from Figure 5-28 or 5-29 by substituting the plate 
thickness t for the penetration depth x and reading the corresponding value of striking 
velocity, Vs. This striking velocity becomes the critical perforation velocity, Vx. A plot of 
the residual velocity equation for a range of t/d ratios is presented in Figure 5-30. 

Multiple plate penetration problems may be analyzed by the successive application of 
Equation 5-64 or 5-65 for predicting the depth of penetration and Equation 5-66 for 
calculating the residual velocity upon perforation of the plate. In addition, composite 
construction, consisting of concrete walls with attached spall plates, can be analyzed for 
fragment impact by tracing the motion of the fragment through each successive layer. 
The striking velocity of the fragment upon each intermediate layer is the residual 
fragment velocity after perforation of the previous layer. The conservative assumptions 
are made that the fragment remains intact during the penetration and that it does not 
deviate from a straight line path as it crosses the interface between the different media. 
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Figure 5-28 Steel Penetration Design Chart – AP Steel Fragments Penetrating Mild 
Steel Plates 
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Figure 5-29 Steel Penetration Design Chart – Mild Steel Fragments Penetrating 
Mild Steel Plates 
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Figure 5-30 Residual Fragment Velocity Upon Perforation of Steel Barriers 
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TYPICAL DETAILS FOR BLAST-RESISTANT STEEL STRUCTURES 

5-50 GENERAL. 

This section presents several examples of typical framing connections, structural details 
and blast doors used in industrial installations designed to resist accidental blast 
loadings. This section is intended to augment those details presented in prior sections 
of this chapter. 

5-51 STEEL FRAMED BUILDINGS. 

Such buildings are often rectangular in plan, two or three bays wide and four or more 
bays long. Figure 5-31 shows an example of a typical framing plan for a single-story 
building designed to resist a pressure-time blast loading impinging on the structure at an 
angle with respect to its main axes. The structural system consists of an orthogonal 
network of rigid frames. The girders of the frames running parallel to the building length 
serve also as purlins and are placed, for ease of erection, on top of the frames spanning 
across the structure's width. 

Figures 5-32 to 5-35 present typical framing details related to the general layout of 
Figure 5-31. As a rule, the columns are fabricated without splices, the plate covers and 
connection plates are shop welded to the columns, and all girder to column connections 
are field bolted. A channel is welded on top of the frame girders to cover the bolted 
connections and prevent (avoid) interference with the roof decking. All of the framing 
connections are designed to minimize stress concentrations and to avoid triaxial strains. 
They combine ductility with ease of fabrication. 

5-52 COLD-FORMED, LIGHT GAGE STEEL PANELS. 

Figure 5-36 shows typical cross sections of cold-formed, light gage steel panels 
commonly used in industrial installations. The closed sections, which are composed of a 
corrugated hat section and a flat sheet, are used to resist blast pressures in the low 
pressure range, whereas the open hat section is recommended only for very low 
pressure situations as siding or roofing material. A typical vertical section illustrates the 
attachment of the steel paneling to the supporting members. Of particular interest is the 
detail at the corner between the exterior wall and the roof, which is designed to prevent 
peeling of the decking that may be caused by negative pressures at the roof edge. 

Figure 5-37 gives some typical arrangements of welded connections for attaching cold-
formed steel panels to their supporting elements. Type A refers to an intermediate 
support whereas Type B refers to an end support. It is recommended that the diameter 
of puddle welds be 3/4 of an inch minimum and should not exceed 1-1/2 inches 
because of space limitations in the panel valleys. For deeper panels, it is often 
necessary to provide two rows of puddle welds at the intermediate supports in order to 
resist the uplift forces in rebound. It should be noted that welds close to the hooked 
edge of the panel are recommended to prevent lifting of adjacent panels. 
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Figure 5-38 shows an arrangement of bolted connections for the attachment of cold-
formed steel panels to the structural framing. The bolted connection consists of: a 
threaded stud resistance welded to the supporting member, a square steel block with a 
concentric hold used as a spacer, and a washer and nut for fastening. Figure 5-39 
presents a cross section of that connection with all the relevant details along with 
information pertaining to puddle welds. 

5-53 BLAST DOORS. 

Figures 5-40 and 5-41 show details of single-leaf and double-leaf blast doors, 
respectively. Figure 5-40 presents a single-leaf door installed in a steel structure. The 
design is typical of doors intended to resist relatively low pressure levels. It is interesting 
to note that the door is furnished with its tubing frame to ensure proper fabrication and 
to provide adequate stiffness during erection. In Figure 5-41, the double-leaf door with 
its frame is installed in place and attached to the concrete structure. In both figures 
details of hinges, latches, anchors, and panic hardware are illustrated. It should be 
noted that the pins at the panic latch ends are made of aluminum in order to eliminate 
the danger of sparking, a hazard in ammunition facilities which might arise from steel-
on-steel striking. 

Figure 5-42 shows details of compression arch and tension arch doors. The tension 
arch door requires compression ties to develop the compression reactions for the arch 
and to prevent the door from being blown through the opening. The compression arch 
door requires a tension tie plate to develop the reactions and to prevent large distortions 
in the door that may bind it in place. 
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Figure 5-31 Typical Framing Plan For a Single-Story Blast-Resistant Steel 
Structure 
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Figure 5-32 Typical Framing Detail at Interior Column 2-C 
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Figure 5-33 Typical Framing Detail at End Column 1-C 
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Figure 5-34 Typical Framing Detail at Side Column 2-D 
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Figure 5-35 Typical Framing Detail at Corner Column 1-D 
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Figure 5-36 Typical Details for Cold-Formed, Light Gage Steel Paneling 
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Figure 5-37 Typical Welded Connections for Attaching Cold-Formed Steel Panels 
to Supporting Members 
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Figure 5-38 Typical Bolted Connections for Attaching Cold-Formed Steel Panels to 
Supporting Members 
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Figure 5-39 Details of Typical Fasteners for Cold-Formed Steel Panels 
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Figure 5-40 Single-Leaf Blast Door Installed in a Steel Structure 
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Figure 5-41 Double-Leaf Blast Door Installed in a Concrete Structure 
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Figure 5-42 Compression-Arch and Tension-Arch Blast Doors 

 

1549ENGINEERING-PDH.COM 
| STR-112 |



 
 
 

1550 

APPENDIX 5A  ILLUSTRATIVE EXAMPLES 

This appendix presents detailed design procedures and numerical examples on the 
following topics: 

1. Flexural elements subjected to pressure-time loading. 

2. Lateral bracing requirements. 

3. Cold-formed steel panels. 

4. Columns and beam-columns. 

5. Open-web joists. 

6. Single-story rigid frames. 

7. Blast doors. 

8. Unsymmetrical bending. 

References are made to the appropriate sections of this chapter and to charts, tables, 
and equations from Chapter 3 "Principles of Dynamic Analysis." 
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PROBLEM 5A-1 DESIGN OF BEAMS FOR PRESSURE-TIME LOADING 

Problem: Design of a purlin or girt as a flexural member which responds to a 
pressure-time loading. 

Procedure: 

Step 1. Establish the design parameters: 

 a. Pressure-time load 

 b. Design criteria:  Maximum support rotation, Θ, depending on 
protection category 

 c. Span length, L, beam spacing, b, and support conditions 

 d. Properties and type of steel used, i.e., fy and E 

Step 2. Determine the equivalent static load, w, using the following preliminary 
dynamic load factors as discussed in Section 5-22.3. 

DLF =  
1.0 for Θ = 2° 

0.5 for Θ = 12°

Step 3. Using the appropriate resistance formula from Table 3-1 and the 
equivalent static load derived in Step 2, determine Mp. 

Step 4. Select a member size using Equation 5-7 or 5-8. Check the local buckling 
criteria of Section 5-24 for the member chosen. 

Step 5. Determine the mass, m, including the weight of the decking over a 
distance center-to-center of purlins or girts, and the weight of the 
members. 

Step 6. Calculate the equivalent mass Me using Table 3-12 (Chapter 3). 

Step 7. Determine the equivalent elastic stiffness KE from Table 3.1. 

Step 8. Calculate the natural period of vibration, TN, using Equation 5-15. 

Step 9. Determine the total resistance, Ru, and peak pressure load, P. Enter 
appropriate chart in Section 3-19.3 with the ratios T/TN and P/Ru and the 
values of C1 and C2 in order to establish the ductility ratio m. 

Step 10. Check the assumed DIF used in Step 4. Enter the response charts with 
the ratio T/TN and μ and to determine tE. Using Equation 5-1, determine 
the strain rate. Using Figure 5-2, determine the DIF and C. If there is a 
significant difference from that assumed, repeat Steps 4 through 9. 

Step 11. Calculate the equivalent elastic deflection XE as given by the equation 
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XE = Ru/KE 

and establish the maximum deflection Xm given by 

Xm = μXE 

Compute the corresponding member end rotation. Compare Θ with the 
criteria summarized in Section 5-35. 

tan Θ = Xm /(L/2) 

Step 12. Check for shear using equation 5-16 and Table 3-9. 

Step 13. If a different member size is required, repeat Steps 2 through 12 by 
selecting a new dynamic load factor. 
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EXAMPLE 5A-1 DESIGN OF A BEAM FOR PRESSURE-TIME LOADING 

Required: Design a simply supported beam for shear and flexure in a low 
pressure range where personnel protection is required. 

Step 1. Given: 

 a. Pressure-time loading (Figure 5A-1) 

 b. Criteria:   Personnel protection required. Support rotation limited 
to 2° 

 c. Structural configuration (Figure 5A-1) 

 d. fy = 36 ksi, E = 30 × 103 ksi,  A36 steel 

 e. Compression flange braced. 

 

Figure 5A-1 Beam Configuration and Loading, Example 5A-1 

 

Step 2. Determine the equivalent static load (i.e., required resistance). For this 
pressure range, the equivalent static load is assumed equal to the peak 
pressure (Section 5-22.3). The running load becomes: 

 w = 1.0 × 6.5 × 4.5 × 144/1000 = 4.21 k/ft 

Step 3. Determine required Mp. 

ftk1.152
8

17221.4
8

2

−=
×

==
wLM p  (Table 3-1) 

Step 4. Select a member. 

( ) 3in4.71
1.51

121.15222
=

××
==+

ds

p

f
M

ZS  (Equation 5-7) 

where 

fds = a × c × fy = 1.1 × 1.29 × 36 = 51.1 ksi (Equation 5-2) 
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where 

a = 1.1 from Section 5-13.2 

c = 1.29 corresponding to a DIF in the low pressure range (see Table 5-2) 

 Select W12 × 26, S = 33.4 in3 I = 204 in4 

 Z = 37.2 in3 

 S + Z  = 70.6 in3 

Mp = (70.6 × 51.1)/(2 × 12) = 150.3 k-ft  

 Check local buckling criteria. 

d/tw = 53.1 < 412/(fy)1/2 = 68.7 O.K.  (Equation 5-17) 

bf/2tf = 8.5   O.K. (Section 5-24) 

Step 5. Calculate M. 

( )[ ]( ) )/ftms(k130,25
10002.32

1017268.45.4 2
6

−=
×

×+×
==

g
wLM  

Step 6. Calculate the effective mass, Me, for a response in the elasto-plastic 
range. 

KLM = (0.78 + 0.66)/2 = 0.72 (Table 3-12) 

Me = 0.72 × 25,130 = 18,100 k-ms2/ft 

Step 7. Determine KE. 

ftk
L
EIKE /664

144175
2041030384

5
384

3

3

3 =
××

×××
==  (Table 3-8) 

Step 8. Calculate TN. 

TN = 2π(Me/KE)1/2 = 2π(18,100/664)1/2 (Equation 5-15) 

Step 9. Establish the ductility ratio μ and compare with the criteria. 

T/TN = 40/32.8 = 1.22 

kips6.71
1000

1445.4175.6
=

×××
=××= bLpP  

Ru = 8Mp /L = (8 × 150.3)/17 = 70.7 kips 

P/Ru = 71.6/70.7 = 1.01 

From Figure 3-64a, 
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μ =  Xm /XE = 2.1 

At this point, the designer would check lateral bracing requirements. 
Sample problem 5A-2 outlines this procedure. 

Step 10. Check the assumed DIF.  

 From Figure 3-64a, for P/Ru = 1.01 and T/TN = 1.22. 

 tE /T = 0.24 

 tE = 0.24 × 40 = 9.6 ms 

( ) in/in/sec177.00096.1030/1.51/
: Find

3 =××== Esds tEfε

ε
&

&
 (Equation 5-1) 

 From Figure 5-2 

 DIF = 1.31 = 1.29     O.K. 

Step 11. Determine XE: 

 XE = Ru/KE = (70.7 × 12)/664 = 1.28 inch 

 Find Xm: 

Xm = μXE = 2.1 × 1.28 = 2.69 inches 

 Find end rotation, Θ. 

tan Θ = Xm/(L/2)  =  2.69/(8.5 × 12) = 0.0264 (Table 3-5) 

 Θ  = 1.52° < 2°  O.K. 

Step 12. Check shear. 

 Dynamic yield stress in shear 

fdv = 0.55 fds = 0.55 × 51.1 = 28.1 ksi (Equation 5-4) 

 Ultimate shear capacity 

Vp = fdv × Aw = 28.1 × 0.23 × 12 = 77.6 kips (Equation 5-16) 

 Maximum support shear 

Vs = ru × L/2 = Ru/2 = 70.7 /2 = 35.4 kips (Table 3-9) 

Vp > Vs   O.K. 
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PROBLEM 5A-2 SPACING OF LATERAL BRACING 

Problem: Investigate the adequacy of the lateral bracing specified for a flexural 
member. 

The design procedure for determining the maximum permissible spacing of lateral 
bracing is essentially a trial and error procedure if the unbraced length is determined by 
the consideration of lateral torsional buckling only. However, in practical design, the 
unbraced length is usually fixed by the spacing of purlins and girts and then must be 
investigated for lateral torsional buckling. 

Procedure: 

Step 1. Establish design parameters. 

 a. Bending moment diagram obtained from a design analysis 

 b. Unbraced length, l, and radius of gyration of the member, ry, about 
its weak axis 

 c. Dynamic design strength, fds (Section 5-13) 

 d. Design ductility ratio, μ, from a design analysis 

Step 2. From the moment diagram, find the end moment ratio, M/Mp, for each 
segment of the beam between points of bracing. (Note that the end 
moment ratio is positive when the segment is bent in reverse curvature 
and negative when bent in single curvature). 

Step 3. Compute the maximum permissible unbraced length, lcr, using Equation 5-
20 or 5-21, as applicable. Since the spacing of purlins and girts is usually 
uniform, the particular unbraced length that must be investigated in a 
design will be the one with the largest moment ratio. The spacing of 
bracing in nonyielded segments of a member should be checked against 
the requirements of Section 1.5.1.4.5a of the AISC Specification (see 
Section 5-26.3). 

Step 4. The actual length of a segment being investigated should be less than or 
equal to lcr. 
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EXAMPLE 5A-2 SPACING OF LATERAL BRACING 

Required: Investigate the unbraced lengths shown for the W10 × 39 beam in 
Figure 5A-2. 

Step 1. Given: 

 a. Bending moment diagram shown in Figure 5A-2 

 b. Unbraced length (each segment) = 36 inches 

  ry = 1.98 inches 

 c. Dynamic design stress = 51.1 ksi 

 d. Design ductility ratio, μ  = 5 

Step 2. The moment ratio is -0.5 for segments BC and CD (single curvature) and 
0.5 for segments AB and DE (double curvature). 

Step 3. Determine the maximum permissible unbraced length. By inspection, 
Equation 5-21 results in the lower value of lcr. 

dsy

cr

fr
l 1375

=
β

 

Figure 5A-2 Bending Moment Diagram, Example 5A-2 

 

 From Figure 5-9 for  xm /xE = 5,   ß = 1.36 

 in2.39
1.5136.1

98.11375
=

×
×

=crl  

Step 4. Since the actual unbraced length is less than 39.2 inches, the spacing of 
the bracing is adequate. 
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PROBLEM 5A-3  DESIGN A ROOF DECK AS A FLEXURAL MEMBER WHICH 
RESPONDS TO PRESSURE-TIME LOADING 

Problem: Design of cold-formed, light gauge steel panels subjected to 
pressure-time loading. 

Step 1. Establish the design parameters: 

 a. Pressure-time loading 

 b. Design criteria:  Specify values of μ and Θ depending upon whether 
tension-membrane action is present or not. 

 c. Span length and support conditions 

 d. Mechanical properties of steel 

Step 2. Determine an equivalent uniformly distributed static load for a 1-ft width of 
panel, using the following preliminary dynamic load factors. 

 
Tension-membrane 
action not present 

Tension-membrane 
action present 

DLF 1.33 1.00 

These load factors are based on an average value of T/TN = 10.0, the recommended 
design ductility ratios. They are derived using Figure 3-64 of Chapter 3. 

Equivalent static load 
w =  DLF  ×  p  ×  b 

b = 1 ft 

Step 3. Using the equivalent load derived in Step 2, determine the ultimate 
moment capacity using Equation 5-29 or 5-30 (assume positive and 
negative are the same). 

Step 4. Determine required section moduli using Equation 5-27 or 5-28. 

 Select a panel. 

Step 5. Determine actual section properties of the panel: 

S+, S-, I20, w 

Step 6. Compute ru, the maximum unit resistance per 1-ft width of panel using 
Equation 5-29 or 5-30. 

Step 7. Determine the equivalent elastic stiffness, KE = ruL/XE, using Equation 5-
31. 
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Step 8. Compute the natural period of vibration. 

TN = 2π (0.74 mL/KE)1/2 (Equation 5-32) 

Step 9. Calculate P/ru and T/TN. Enter Figure 3-64 with the ratios P/ru and T/TN to 
establish the actual ductility ratio μ. 

 Compare μ with the criteria of Step 1. If μ is larger than the criteria value, 
repeat steps 4 to 9. 

Step 10. Compute the equivalent elastic deflection XE using XE = ru L/KE. Evaluate 
the maximum deflection, Xm = μXE. 

 Determine the maximum panel end rotation. 

 Θ = tan-1 [Xm /(L/2)] 

 Compare Θ with the criteria of step 1. If Θ is larger than specified in the 
criteria, select another panel and repeat steps 5 to 10. 

Step 11. Check resistance in rebound using Figure 5-13. 

Step 12. Check panel for maximum resistance in shear by applying the criteria 
relative to: 

 a. Simple shear, Table 5-5a, 5-6a or 5-7a 

 b. Combined bending and shear, Table 5-5b, 5-6b or 5-7b 

 c. Web crippling, Figures 5-15 or 5-16 

 If the panel is inadequate in shear, select a new member and repeat steps 
4 to 12. 
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EXAMPLE 5A-3 DESIGN A ROOF DECK AS A FLEXURAL MEMBER WHICH 
RESPONDS TO PRESSURE-TIME LOADING 

Required: Design a continuous cold-formed steel panel in a low pressure 
range. 

Step 1. Given: 

 a. Pressure-time loading (Figure 5A-3) 

 b. Criteria:  (Tension-membrane action present) 

  maximum ductility ratio μmax = 6 

  maximum rotation Θmax = 4° 

 c. Structural configuration Figure 5A-3 

 d. Steel A446, grade a 

  E = 30 × 106 psi 

 fds = a × c × fy = 1.21 × 1.1 × 33,000 = 44,000 psi (Equation 5-26) 

Step 2. Determine the equivalent static load 

 Say DLF = 1.0 

w = DLF × p × b = 1.0 × 5.0 × 12 × 12 = 720 lb/ft 

Step 3. Determine required ultimate moment capacities. For preliminary selection, 
assume 

Mup = Mun = wL2/10.8 = 720 × (4.5)2/10.8 = 1,350 lb-ft (Equation 5-30) 
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Figure 5A-3 Roof decking configuration and loading, Example 5A-3 

 

Step 4. Determine required section moduli. 

S+ = S- = (1350 × 12)/44,000 = 0.368 in3 

(Select Section 3-18, 1-1/2 inches deep) 

Step 5. Determine actual section properties. 

 From manufacturer's guide: 

S+ = 0.398 in3 

S- = 0.380 in3 

I20 = 0.337 in4 

w = 2.9 psf 

Step 6. Compute maximum unit resistance ru. 

Mun = (44,000 × 0.398)/12 = 1,459 lb-ft (Equation 5-27) 

M = (44,000 × 0.380)/12 = 1,393 lb-ft  (Equation 5-28) 
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lb/ft766
5.4

459,12393,16.3
2

6.3 22 =
×+

=
+

=
L

MM
r upun

u   (Equation 5-30) 

Step 7. Determine equivalent static stiffness. 

3
20

4
20

0062.00062.0 L
EI

Lr
LrEI

X
LrK

u

u

E

u
E =

××
××

==  (Equation 5-31) 

lb/ft260,124
1445.40062.0

337.01030
3

6

=
××

××  

Step 8. Compute the natural period of vibration for the 1-ft width of panel. 

mL = w/g = (2.9 × 106 × 4.5)/32.2 = 4.05 × 105 lb-ms2/ft 

TN = 2×[(0.74 × 4.05 × 105)/124,260]1/2 = 9.75 msec 

Step 9. Calculate P/ru and T/TN 

P = p × b = 5.0 × 12 × 12 = 720 lb/ft 

P/ru = 720/766 = 0.94 

T/TN = 40/9.75 = 4.10 

Entering Figure 3-64a with these values. 

Xm /XE = 3.5 < 6    O.K. 

Step 10. Check maximum deflection and rotation. 

XE = ru L/KE = 766 × 4.5/124,260 = 0.028 ft 

Xm = 3.5 XE = 0.098 ft 

Θ = tan-1 [Xm /(L/2)] = tan-1[0.098/2.25] = 2.5 < 4° O.K. 

Step 11. Check resistance in rebound. 

 From Figure 5-13, 33.0/ =rr ; O.K. since available maximum elastic 
resistance in rebound is approximately equal to that under direct loading. 

Step 12. Check resistance in shear. 

 a. Interior support (combined shear and bending). Determine dynamic 
shear capacity of a 1-ft width of panel: 

 h  = (1.500 - 2t) inches, t = 0.048 inch  

  = 1.500 - 0.096 = 1.404 inches 

 h/t = 1.404/0.048 = 29.25 = 30 

 fdv = 10.84 ksi (Table 5-5) 
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 Total web area for 1-ft width of panel: 

 (8 × h × t)/2 = 4 × 1.404 × 0.048 = 0.270 in2 

 Vu = 0.270 × 10.84 = 2.92 k = 2,922 lb 

  Determine maximum dynamic shear force. 

  The maximum shear at an interior support of a continuous panel 
using limit design is: 

 Vmax  = 0.55 ruL = 0.55 × 766 × 4.5 = 1,896 lb 

  = 1,896 lb < 2,922 lb      O.K. 

 b. End support (simple shear) 

  Determine dynamic shear capacity of a 1-ft width of panel: 

 For h/t < 57,  fdv = 0.50 fds = 0.5 × 44.0 = 22.0 ksi (Table 5-5a) 

 Vu = 0.270 × 22,000 = 5,940 

  Determine maximum dynamic shear force: 

 The maximum shear at an end support of a continuous panel using 
limit design is 

 Vmax  = 0.45 × ru × L = 0.45 × 766 × 4.5 

  = 1,551 lb < 5,940 lb               O.K. 

 c. Web crippling (4 webs per foot) 

  End support (N = 2-½ inches) 

 Qu = 1,200 × 4 = 4,800 lb > 1,551   O.K. (Figure 5-15) 

  Interior support (N = 5 inches) 

 Qu = (2,400 × 4)/2 = 4,800 lb > 1,896  O.K.  (Figure 5-16) 

1563ENGINEERING-PDH.COM 
| STR-112 |



 
 
 

1564 

PROBLEM 5A-4 DESIGN OF COLUMNS AND BEAM-COLUMNS 

Problem: Design a column or beam-column for axial load combined with 
bending about the strong axis. 

Procedure: 

Step 1. Establish design parameters. 

 a. Bending moment M, axial load P, and shear V are obtained from 
either a preliminary design analysis or a computer analysis. 

 b. Span length l and unbraced lengths lx and ly. 

c. Properties of structural steel: 

 Minimum yield strength fy 

 Dynamic increase factor c (Table 5-2) 

 Dynamic design strength fds (Equation 5-2) 

Step 2. Select a preliminary member size with a section modulus S such that 
S > M/fds and bf/2tf complies with the structural steel being used 
(Section 5-24). 

Step 3. Calculate Py (Section 5-24) and the ratio P/Py. Using either Equation 5-17 
or 5-18, determine the maximum allowable d/tw ratio and compare it to that 
of the section chosen. If the allowable d/tw ratio is less than that of the trial 
section, choose a new trial section. 

Step 4. Check the shear capacity of the web. Determine the web area Aw 
(Section 5-23) and the allowable dynamic shear stress fdv (Equation 5-4). 
Calculate the web shear capacity Vp (Equation 5-16) and compare to the 
design shear V. If inadequate, choose a new trial section and return to 
Step 3. 

Step 5. Determine the radii of gyration, rx and ry, and plastic section modulus, Z, of 
the trial section from the AISC Handbook. 

Step 6. Calculate the following quantities using the various design parameters: 

 a. Equivalent plastic resisting moment 

 Mp = fdsZ (Equation 5-8) 

b. Effective slenderness ratios Klx/rx and Kly/ry; for the effective length 
factor K, see Section 1.8 of the Commentary on the AISC 
Specification and Section 5-38 

 c. Allowable axial stress Fa corresponding to the larger value of Kl/r 

 d. Allowable moment Mm from Equation 5-47 or 5-48 
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 e. F'e and "Euler" buckling load Pe (Section 5-37.3) 

f. Plastic axial load (Section 5-37.3) and ultimate axial load Pu 
(Equation 5-42) 

 g. Coefficient Cm (Section 1.6.1 AISC Specification) 

Step 7. Using the quantities obtained in Step 6 and the applied moment M and 
axial load P, check the interaction formulas (Equations 5-44 and 5-45). 
Both formulas must be satisfied for the trial section to be adequate. 
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EXAMPLE 5A-4 (A) DESIGN OF A ROOF GIRDER AS A BEAM-COLUMN 

Required: Design a fixed-ended roof girder in a framed structure for combined 
bending and axial load in a low pressure range. 

Step 1. Given: 

 a. Preliminary computer analysis gives the following values for design: 

 Mx = 115 ft-kips 

 My = 0 

 P = 53.5 kips 

 V = 15.1 kips 

b. Span length lx = 17'-0" 

 Unbraced lengths lx = 17'-0" and ly = 17'-0" 

c. A36 structural steel 

 fy = 36 ksi 

 c = 1.29 (Table 5-2) 

 a = 1.1 (Section 5-12.1) 

 fds = c × a × fy = 1.29 × 1.1 × 36 = 51.1 ksi (Equation 5-2) 

Step 2. 

 S = Mx /fds = 115 (12)/51.1 = 27.0 in3 

 Try W 12 × 30 (S = 38.6 in3) 

 A = 8.79 in2             d/tw = 47.5 

bf /2tf = 7.4 < 8.5    O.K. (Section 5-24) 

Step 3. 

Py = Afy =  8.79 × 36 =  316 kips (Section 5-24) 

P/Py =  53.5/316 =  0.169  < 0.27 

⎟
⎟
⎠

⎞
⎜
⎜
⎝

⎛
−=

yy
w P

P
f

td 4.11412/ 2/1  (Equation 5-17) 

  = (412/(36)1/2) [1 - 1.4 (0.169)] =  52.4  > 47.5   O.K.  
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Step 4. 

Vp = fdv Aw (Equation 5-16) 

fdv = 0.55 fds =  0.55 (51.1) =  28.1 ksi (Equation 5-4) 

Aw = tw(d - 2tf) =  0.260 [12.34 - 2 (0.440)] = 2.98 in2 (Section 5-23) 

Vp =  28.1(2.98) =  83.7 kips  > 15.1 kips        O.K. 

Step 5. rx = 5.21 in. 

ry = 1.52 in. (AISC Manual) 

Z = 43.1 in3 

Step 6. 

a. Mpx = fds × Zx =  51.1 × 43.1 × 1/12 =  183.5 ft-kips (Equation 5-8) 

b. K = 0.75 (Section 5-39) 

 Klx /rx =  [0.75(17)12] / 5.21 = 29 

 Kly /ry =  [0.75(17)12] / 1.52 = 101 

c. Fa = 12.85 ksi for Kly /ry = 101 and fy = 36 ksi 

 (Appendix A, AISC Specification) 

 1.42(12.85) = 18.25 ksi for fds = 51.1 ksi 

d. 
( )

pxpx
dsy

mx MM
frl

M ≤
⎥
⎥
⎦

⎤

⎢
⎢
⎣

⎡
−=

160,3
/

07.1
2/1

 (Equation 5-47) 

 

( ) kipsft5.1836.1405.183
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−=  

e. 
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2

2

2

=
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×

==
ππ

xb
ex rKl

EF  (Section 5-37.3) 

 kips992,2
12

6.17779.823
12

'23
=

××
== ex

ex
FA

P  (Section 5-37.3) 

f. Pp = fds A  =  51.1(8.79) = 449 kips (Section 5-37.3) 

 Pu = 1.7AFa = 1.7(8.79)18.25 = 273 kips (Equation 5-42) 

g. C = 0.85 (Section 1.6.1, AISC Specification) 

1567ENGINEERING-PDH.COM 
| STR-112 |



 
 
 

1568 

Step 7. ( ) ( ) 1
/1/1

≤
−
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−

+
myey

ymy

mxex
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u MPP
MC
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P
P  (Equation 5-44) 

( ) O.K.1904.0708.0196.0
6.1402992/5.531

11585.0
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5.53
<=+=

×−
×

+  

1
18.118.1

≤++
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p M
M

M
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P
P  (Equation 5-45) 

O.K.1650.0531.0119.0
5.18318.1

115
449

5.53
<=+=

×
+  

Trial section meets the requirements of Section 5-37.3. 
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EXAMPLE 5A-4 (B) DESIGN OF COLUMN 

Required: Design of an exterior fixed-pinned column in a framed structure for 
biaxial bending plus axial loads in a low pressure range. 

Step 1. Given: 

a. Preliminary design analysis of a particular column gives the 
following values at a critical section: 

 Mx = 311 ft-kips 

 My = 34 ft-kips 

 P = 76 kips 

 V = 54 kips 

b. Span length l = 17'-3" 

 Unbraced lengths lx = 17'-3" and ly = 4'-0" (laterally supported by 
wall girts). 

c. A36 structural steel 

 fy  = 36 ksi 

 c = 1.29 (Table 5-2) 

 a = 1.1 (Section 5-12.1) 

 fds = a × c × fy = 1.1 × 1.29 × 36 = 51.1 ksi (Equation 5-2) 

Step 2. 

S = Mx/fds = 311(12)/51.1 = 73.0 in3 

Try  W 14 × 68 (S = 103 in3) 

A = 20.0 in2        d/tw = 33.8 

bf/2tf = 7.0  <  8.5    O.K. (Section 5-24) 

Step 3. 

Py = Afy = 20.0(36) = 720 kips (Section 5-24) 

P/Py = 76/720 = 0.106  <  0.27 

d/tw = [412/(fy)1/2 ] [1 - 1.4(P/Py)] (Equation 5-17) 

       = [412/(36)1/2] [1 - 1.4(0.106)] =  58.5 > 32.9   O.K. 
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Step 4. 

Vp  =  fdv Aw (Equation 5-16) 

fdv = 0.55 fds = 0.55(51.1) = 28.1 ksi (Equation 5-4) 

Aw = tw(d - 2tf) = 0.415 [14.04 - 2(0.720)] = 5.23 in2 (Section 5-23) 

Vp = 28.1(5.23) = 147 kips > 54 kips    O.K. 

Step 5. rx = 6.01 inches 

ry = 2.46 inches 

Zx = 115 in3 (AISC Manual) 

Zy = 36.9 in3 

Step 6. 

a. Mp = fdsZ (Equation 5-8) 

 Mpx = 51.1 × 115 × 1/12 = 490 ft-kips 

 Mpy = 51.1 × 36.9 × 1/12 = 157 ft-kips 

b. Use K = 1.5 (Section 5-39) 

 
29

46.2
1200.45.1

52
01.6

1225.175.1

=
××

=

=
××

=

y

y

x

x

r
Kl
r

Kl

 

c. Fa = 18.17 ksi for Klx /rx =  52 and fy = 36 ksi 

 1.42(18.17) = 25.79 ksi for fds = 51.1 ksi 

 Mmx = Mpx = 490 ft-kips 

d. Mmy = Mpy = 157 ft-kips (Section 5-37.3) 
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 kips823,6
12

1780.2023
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'23
=

××
== ey

ey

FA
P  (Section 5-37.3) 

 Pp = fdsA =  51.1(20) = 1,022 kips 

 Pu = 1.7AFa =  1.7(20)25.79  = 877 kips 

 Cmx = Cmy = 0.85 (Section 1.6.1, AISC Specification) 

Step 7. ( ) ( ) 1
/1/1
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P  (Equation 5-44) 

( ) ( )
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P/Pp + Mx/(1.18Mpx) + My/(1.18Mpy) < 1 (Equation 5-45) 

76/1022 + 311/[1.18(490)] + 34/[1.18(157)]   

= 0.074 + 0.538 + 0.183 = 0.795  <  1     O.K. 

Trial section meets the requirements of Section 5-37.3 
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PROBLEM 5A-5 DESIGN OF OPEN-WEB STEEL JOISTS 

Problem: Analysis or design of an open-web joist subjected to a pressure-time 
loading. 

Procedure: 

Step 1. Establish design parameters 

a. Pressure-time curve 

b. Clear span length and joist spacing 

c. Minimum yield stress fy for chord and web members 

 Dynamic increase factor, c (Table 5-2) 

d. Design ductility ratio, μ , and maximum end rotation, Θ. 

e. Determine whether joist design is controlled by maximum end 
reaction. 

Step 2. Select a preliminary joist size as follows: 

a. Assume a dynamic load factor (Section 5-22.3) 

b. Compute equivalent static load on joist due to blast overpressure 

 w1 = DLF × p × b 

  (Dead load of joist and decking not included)  

 c. Equivalent service live load on joist 

 w2 = w1/1.7 × a × c (Section 5-33) 

d. From "Standard Load Tables" adopted by the Steel Joist Institute, 
select a joist for the given span and the structural steel being used, 
with a safe service load (dead load of joist and decking excluded) 
equal to or greater than w2, check whether ultimate capacity of joist 
is controlled by flexure or by shear 

Step 3. Find the resistance of the joist by multiplying the safe service load by 
1.7 × a × c  (Section 5-33) 

Step 4. Calculate the stiffness of the joist, KE, using Table 3-8. Determine the 
equivalent elastic deflection XE given by 

XE = ruL/KE 

Step 5. Determine the effective mass using the weight of the joist with its tributary 
area of decking, and the corresponding load-mass factor given in Table 
3-12 of Chapter 3. 
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Calculate the natural period of vibration, TN. 

Step 6. Follow procedure outlined in Step 6a or 6b depending on whether the joist 
capacity is controlled by flexure or by shear. 

Step 6a. Joist design controlled by flexure. 

a. Find ductility ratio μ = Xm/XE from the response charts in Chapter 3, 
using the values of T/TN and P/ru. 

b. Check if the ductility ratio and maximum end rotation meet the 
criteria requirements outlined in Section 5-35. 

If the above requirements are not satisfied, select another dynamic load 
factor and repeat Steps 2 to 5. 

c. Check the selection of the dynamic increase factor used in Step 2c. 
Using the response charts, find tE to determine the strain rate, ε in 
Equation 5-1. Using Figure 5-2, determine DIF. (If elastic response, 
use T/TN and appropriate response charts to check DIF). 

d. Check if the top chord meets the requirements for a beam-column    
(Section 5-37.3) 

Step 6b. Joist design controlled by shear. 

a. Find ductility ratio μ = Xm /XE from the response charts in Chapter 3, 
using the values of T/TN and P/ru. 

b. If μ < 1.0, design is O.K. 

If μ > 1.0, assume a higher dynamic load factor and repeat Steps 2 
to 5. Continue until μ < 1.0. Check end rotation, Θ, against design 
criteria. 

c. Check the selection of the dynamic increase factor used in Step 2c, 
using the value of T/TN and the appropriate elastic response chart 
in Section 3-19.3. 

d. Since the capacity is controlled by maximum end reaction, it will 
generally not be necessary to check the top chord as a beam-
column. However, when such a check is warranted, the procedure 
in Step 6a can be followed. 

Step 7. Check the bottom chord for rebound. 

a. Determine the required resistance, r , for elastic behavior in 
rebound. 

b. Compute the bending moment, M, and find the axial forces in top 
and bottom chords using P = M/d where d is taken as the distance 
between the centroids of the top and bottom chord sections. 
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c. Determine the ultimate axial load capacity of the bottom chord 
considering the actual slenderness ratio of its elements. 

 Pu = 1.7AFa 

 where Fa is defined in Section 5-37.3. 

 The value of Fa can be obtained by using either Equation 5-43 or 
the tables in the AISC Specification which give allowable stresses 
for compression members. When using these tables, the yield 
stress should be taken equal to fds. 

d. Check if Pu > P. 

 Determine bracing requirements. 
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EXAMPLE 5A-5 (A) DESIGN OF AN OPEN-WEB STEEL JOIST 

Required: Design a simply-supported open-web steel joist whose capacity is 
controlled by flexure. 

Solution: 

Step 1. Given: 

a. Pressure-time loading (Figure 5A-5 (a)) 

b. Clear span  = 50'-0" 

 Spacing of joists =  7'-0" 

 Weight of decking = 4 psf 

c. Structural steel properties 

 Chords  fy = 50,000 psi 

 Web  fy = 36,000 psi 

 Dynamic increase factor (chords only). 

 c = 1.19 (Table 5-2, for A588) 

 Dynamic design stress,  fds = c × a × fy (Equation 5-2) 

 Chords  fds = 1.19 × 1.1 × 50,000  =  65,450 psi 

d. Design criteria (Section 5-35) 

 Maximum ductility ratio: μmax = 4.0 

 Maximum end rotation: Θmax = 2° 
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Figure 5A-5(a) Joist Cross-Section and Loading, Example 5A-5(a) 

 

Step 2. Selection of joist size 

a. Assume a dynamic load factor. For preliminary design, a DLF = 1.0 
is generally recommended. However, since the span is quite long in 
this case, a DLF of 0.62 is selected. 

b. Equivalent static load on joist: 

 w1 =  0.62 × 2.0 × 144 × 7.0  =  1,250 lb/ft 

c. Service live load on joist: 

 w2  = w1/1.7 × 1.19 × 1.1 = 1,250/2.23 = 561 lb/ft 

d. Using the "Standard Specifications, Load Tables and Weight 
Tables" of the Steel Joist Institute, for a span of 50'-0", try 32LH11. 
Joist tables show that capacity is controlled by flexure. 

 Total load-carrying capacity (including dead load) = 602 lb/ft  

 Approximate weight of joist and decking 

 = 28 + (4 × 7) = 56 lb/ft 

 Total load-carrying capacity (excluding dead loa)d = 602 - 56 = 
546 lb/ft 
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 The following section properties refer to the selected joist 32LH11 
(Figure 5A-5 (a)): 

Top Chord: 

Two 3 × 3 × 5/16 angles 

A = 3.56 in2 

rx = 0.92 in 

ry = 1.54 in 

Ix = 3.02 in4 

Bottom Chord: 

Two 3 × 2-1/2 × 1/4 angles 

A = 2.62 in2 

rx = 0.945 in 

ry = 1.28 in 

Ix = 2.35 in4 

Ixx for joist = 1,383.0 in4 

Panel length = 51 inches 

Step 3. Resistance per unit length 

ru = 1.7 × 1.19 × 1.1 × 546 = 1215 lb/ft (Section 5-33) 

Step 4.  
( )

lb/in260,14
50125

13831029384
5

384
3

6

3 =
××

××
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L
EIKE  (Table 3-8) 

 inches26.4
14260
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Lr
X  

Step 5. Total mass of joist plus decking 

 /inmslb1025.7
386

105056 26
6

−×=
××

=M  

 Total effective mass Me = KLMM 

KLM = 0.5(0.78 + 0.66) = 0.72 (Table 3-12) 

Me = 0.72 (7.25 × 106) = 5.22 × 106 lb-ms2/in 

Natural period TN= 2π(Me/KE)1/2 = 2π(5,220,000/14,260)1/2 = 120.2 ms 
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 Behavior controlled by flexure. Use Step 6a. 

Step 6a. 

a. T/T N = 40/120.2 = 0.332 

 82.1
105,1

71440.2
=

××
=

ur
P  

 From Figure 3-64a, 

 μ = Xm /XE = 2.3 < 4      O.K. 

b. Xm = 2.3 × 3.87 = 8.9 inches 

 tan Θ = Xm /(L/2) = 8.9/(25 × 12) = 0.0297 

 Θ  =  1.7°  < 2°   O.K. 

c. Check selection of DIF. 

 From Figure 3-64a, for μ = 2.3 and T/TN = 0.33 

 tE/T = 0.55,  tE = 0.55 × 40 = 22 ms 

 
in/in/sec099.0022.0.1030/45.65/

 Find
3 =××== Esds tEfε

ε
&

&
(Equation 5-1) 

 From Figure 5-2 (average of A36 and A514) 

 DIF = 1.18 = 1.19 assumed O.K. 

d. Check top chord as a beam column. 

 Maximum moment at mid-span 

 kipsin144,4
000,18

1250105,1
8

22

−=
×

××
==

Lr
M u  

 Maximum axial load in chords 

 P = M/d 

d = distance between centroids of top and bottom chords 
 (see Figure 5A-5 (a)) 

   = 30.22 inches 

 P = 4,144/30.22 = 137.1 kips 

 l = panel length = 51 inches 

 Slendernes s ratio, l/rx = 51/0.92 = 55.4 < Cc 
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 where Cc = (2π2E/fds)1/2 = 95 (Equation 5-41) 

  Fa = 23.5 ksi for fy = 50 ksi (Table 3-50, AISC Specification) 

 1.31 (23.5) = 30.8 ksi for fds = 65,450 psi 

 Pu = 1.7AFa = 1.7 × 3.56 × 30.8 = 186.4 kips (Equation 5-42) 

 Considering the first panel as a fixed, simply supported beam, the 
maximum moment in the panel is 

 kipsin96.19
10001212
51105,1

12

22

−=
××
×

==
Lr

M u  

 The effective slenderness ratio of the top chord in the first panel is 

 Klb/rx = (1.0 × 51)/0.92 = 55.4 
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 Pex = (23/12)AF'ex = 23/12 × 3.56 × 48.7 = 333 kips 

 (1 - P/Pex) = (1.0 - 126.6/333) = 0.62 

 To determine Mm, the plastic moment Mp is needed and the value of 
Zx has to be computed. The neutral axis for a fully plastic section is 
located at a distance x from the flange. 
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 The plastic section modulus, Zx, is found to be 
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 Mpx = fdsZx = 65.45 × 2.549 = 166.8 in-kips (Equation 5-8) 
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 (Equation 5-47) 

 where ry is least radius of gyration = 0.92 
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  = [1.07 - (55.4/391)] 166.8 = 154.8 in-kips 

 Cm = 0.85 (Section 1.6.1, AISC) 

 P/Pu + CmM/[(1 - P/Pex)Mmx] < 1.10 (Equation 5-44) 

 O.K.0.1912.0176.0736.00.1
8.15462.0

96.1985.0
4.186
1.137

<=+=≤
×
×

+  

Step 7. Check bottom chord for rebound. 

a. Calculate required resistance in rebound. 

 T/T N = 0.33 

 From Figure 5-13, 100% rebound 

 
lb/ft105,1

0.1/
==

=

u

u

rr
rr

 

b. Moment and axial forces in rebound 

kipsin144,4
8

2

−==
LrM  

Maximum axial force in bottom chord 

P = M/d = 137.1 kips (compression) 

c. Ultimate axial load capacity 

Stability in vertical direction (about x-axis) 

l  = 51 inches     rx = 0.945 

l/r = 51/0.945 = 54.0 < Cc 

where Cc = [(2π2E)/fds]1/2 =  95 

Fa = 23.72 ksi for fy = 50 ksi (Table 3-50, AISC Specification) 

1.31(23.72) = 31.1 ksi  for fds = 65,450 psi 

Pu = 1.7AFa = 1.7 × 2.62 × 31.1 = 138.5 kips 

d. Check bracing requirements. 

 P = 137.1  <  Pu = 138.5       O.K. 

 Adding a vertical member between panel joints of bottom chord 
would have been required had P > Pu. This additional bracing 
would have been needed in mid-span but may be spared at the 
joist ends. 
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 Stability in the lateral direction (about y-axis) 

 Pu = 137.1 kips 

 ry = 1.28 inches,             A = 2.62 in2 

 Fa = Pu/(1.7 × 1.31A) = 137.1/(1.7 × 1.31 × 2.62) = 23.5 ksi 

 For a given Fa = 23.5, the corresponding slenderness ratio is 

 l/r ≈ 55 (Table 3-50, AISC Specification) 

 Therefore, the maximum unbraced length in mid-span is 

 lb = 55 × 1.28 = 70.4 inches 

 Use lateral bracing at panel points, i.e., 51 inches at midspan. The 
unbraced length may be increased at joist ends, but not greater 
than specified for bridging requirements in the joist specification. 
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EXAMPLE 5A-5 (B) ANALYSIS OF EXISTING OPEN-WEB STEEL JOIST 

Required: Analyze a simply supported, open-web steel joist whose capacity is 
controlled by shear. 

Solution: 

Step 1. Given: 

a. Pressure-time loading [Figure 5A-5 (b)] 

 Joist 22H11 

b. Clear span = 32'-0" 

Spacing of joists = 6'-0" 

Weight of decking = 4 psf 

Figure 5A-4 (b)  Joist Cross-Section and Loading, Example 5A-5(b) 

 

c. Properties of structural steel: 

Chords fy = 50,000 psi 

Web  fy = 36,000 psi 

Dynamic increase factor 

(chords only) c = 1.19 (Table 5-2 for A588) 

Dynamic design stress  fds = c × a × fy 

Chords fds = 1.19 × 1.1 × 50,000 = 65,450 psi 
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d. Design criteria (Section 5-35) 

For members controlled by shear: 

μmax = 1.0 

Θmax = 1° 

Step 2. 

a. Assume the DLF = 1.25 

b. Overpressure load on joist 

 w1 = 1.25 × 1.0 × 144 × 6 = 1,080 lb/ft 

c. Equivalent service load 

 w2 = w1/1.7 × a × c = 1,080/2.23 = 485 lb/ft 

 d. From the "Standard Specifications and Load Tables" of the Steel 
Joist Institute: 

Total load-carrying capacity (including dead load) = 506 lb/ft.  

Approximate weight of joist plus decking =  

17 + (6 × 4) = 41 lb/ft 

Total load-carrying capacity (excluding dead load) =  

506 - 41 = 465 

From the steel joist catalog, the following are the section properties 
of Joist 22H11 (Figure 5A-5 (b)): 

Panel length = 24 inches 

Top Chord: 

A  = 1.935 in2 

Ix = 0.455 in4 

rx = 0.485 in 

ry = 1.701 in 

Bottom Chord: 

A  = 1.575 in2 

Ix = 0.388 in4 

rx = 0.497 in 
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ry = 1.469 in 

Ixx for joist = 396.0 in4 

Step 3. Resistance per unit length 

 ru = 2.23 × 465 = 1,035 lb/ft 

Step 4. 
( )
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EIKE  (Table 3-8) 

 inches13.2
15580

321035
=

×
==

E

u
E K

Lr
X  

Step 5. Mass of joist plus decking 

/inmslb104.3
386

103241 26
6

−×=
××

=M  

Effective mass Me = KLM M 

 = 0.78 × 3.4 × 106 = 2.65 × 106 lb-ms2in 

Natural period TN = 2π(Me/KE)1/2 

 = 2π(2650000/15580)1/2 = 81.8 ms 

Behavior controlled by shear. Use Step 6b of the procedure. 

Step 6b. 

a. T/TN = 25/81.8 = 0.305 

835.0
035,1

0.11446
=

××
=

ur
P  

b. From Figure 3-64a of Chapter 3: 

μ = Xm/XE < 1.0; elastic, O.K. 

tan Θ = Xm/(L/2) 

 = 2.13/(16.0 × 12) = 0.0111 

Θ = 0.64° < 1°      O.K. 

c. Check selection of DIF from Figure 3-49 of Chapter 3, for 
T/TN = 0.305, tm/T = 1.12; tm = 1.12 × 25 = 28 ms 

 ε& Find  

 ( )mEEsds tttEf == /ε&  (Equation 5-1) 
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     = 65.45/30 × 103  × 0.028 = 0.078 in/in/sec 

 From Figure 5-2 (average of A36 and A514)  

 DIF = 1.18 = 1.19 assumed, O.K. 

d. Check of top chord as a beam-column is not necessary. 

Step 7. Check bottom chord in rebound. 

a. For μ = 1 and T/TN = 0.305, rebound is 100% (Figure 5-13) 

 urr =  

b. Determine axial load in bottom chord, P = M/d. 

For an elastic response, μ < 1.0, where T/TN = 0.305, 
the DLF = 0.87 (Figure 3-49) 

Equivalent static load, w 

w = DLF × b × p = 0.87 × 12 × 12 × 6 × 1.0 = 751 lb/ft 

Maximum moment in rebound, M = wL2/8 

M = [751 × (32)2/8] 12  =  1,155,000 in-lb  

P = M/d = 1,155,000/21.28 = 54,300 lb = 54.3 kips 

c. Check bracing requirements. 

(1) Vertical bracing of bottom chord: 

Panel length = 24 inches 

rx = 0.497,  ry = 1.469,  A = 1.575 in2 

l/rx = 24/0.497 = 48.3 

Allowable P = 1.7 × a × c × A × Fa 

   = 1.7 × 1.1 × 1.19 × 1.575 × 24.6 = 86.2 kips > 54.3 kips 

  (Table 3-50, AISC Specification) 

    No extra bracing required. 

(2)   Lateral bracing of bottom chord: 

P = 54.3 kips, A = 1.575 in2 

Fa = P/1.7A = 54.3/(1.7 × 1.575 × 1.1 × 1.19) = 15.5 ksi 

For fy = 50 ksi and Fa = 15.5 ksi 
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l/r = 96 

l = 96 × 1.469 = 141 inches 

  (Table 3-50, AISC Specification) 

 Therefore, use lateral bracing at every fifth panel point close to mid-
span. The unbraced length may be increased at joist ends, but not 
greater than specified for bridging requirements in the joist 
specification. 
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PROBLEM 5A-6 DESIGN OF SINGLE-STORY RIGID FRAMES FOR PRESSURE-
TIME LOADING 

Problem: Design a single-story, multi-bay rigid frame subjected to a pressure-
time loading. 

Procedure: 

Step 1. Establish the ratio α between the design values of the horizontal and 
vertical blast loads. 

Step 2. Using the recommended dynamic load factors presented in Section 5-41.3 
establish the magnitude of the equivalent static load w for: 

a. Local mechanisms of the roof and blastward column 

b. Panel or combined mechanisms for the frame as a whole. 

Step 3. Using the general expressions for the possible collapse mechanisms from 
Table 5-13 and the loads from Step 2, assume values of the moment 
capacity ratios C and C1 and proceed to establish the required design 
plastic moment Mp considering all possible mechanisms. In order to obtain 
a reasonably economical design, it is desirable to select C and C1 so that 
the least resistance (or the required value of Mp) corresponds to a 
combined mechanism. This will normally require several trials with 
assumed values of C and C1. 

Step 4. Calculate the axial loads and shears in all members using the approximate 
method of Section 5-41.4. 

Step 5. Design each member as a beam-column using the ultimate strength 
design criteria of Sections 5-37.3, 5-38, and 5-39. A numerical example is 
presented in Problem 5A-4. 

Step 6. Using the moments of inertia from Step 5, calculate the sidesway natural 
period using Table 5-14 and Equations 5-50 and 5-51. Enter the response 
charts in Chapter 3 with the ratios of T/TN and P/Ru. In this case, P/Ru is 
the reciprocal of the panel or sidesway mechanism dynamic load factor 
used in the trial design. Multiply the ductility ratio by the elastic deflection 
given by Equation 5-53 and establish the peak deflection Xm from 
Equation 5-54. Compare the maximum sidesway deflection Xm with the 
criteria of Section 5-35. Note that the sidesway deflection δ in Table 5-8 is 
Xm. 

Step 7. Repeat the procedure of Step 6 for the local mechanisms of the roof and 
blastward column. The stiffness and natural period may be obtained from 
Table 3-8 of Chapter 3 and Equation 5-15, respectively. The resistance of 
the roof girder and the blastward column may be obtained from Table 5-13 
using the values of Mp and CMp determined in Step 3. Compare the 
ductility ratio and rotation with the criteria of Section 5-35. 
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Step 8. 

a. If the deflection criteria for both sidesway and beam mechanisms 
are satisfied, then the member sizes from Step 5 constitute the 
results of this preliminary design. These members would then be 
used in a more rigorous dynamic frame analysis. Several computer 
programs are available through the repositories listed in Section 
5-4. 

b. If the deflection criterion for a sidesway mechanism is exceeded, 
then the resistance of all or most of the members should be 
increased. 

c. If the deflection criterion for a beam mechanism of the front wall or 
roof girder is exceeded, then the resistance of the member in 
question should be increased. The member sizes to be used in a 
final analysis should be the greater of those determined from Steps 
8b and 8c. 
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EXAMPLE 5A-6 DESIGN OF A RIGID FRAME FOR PRESSURE-TIME LOADING 

Required: Design a four-bay, single-story, reusable, pinned-base rigid frame 
subjected to a pressure-time loading in its plane. 

Given: 

a. Pressure-time loading (Figure 5A-6) 

b. Design criteria:  It is required to design the frame structure for more 
than one incident. The deformation limits shall be half that 
permitted for personnel protection, that is: 

 δ  = H/50 and 

 Θmax = 1° for individual members 

c. Structural configuration (Figure 5A-6) 

d. A36 steel 

e. Roof purlins spanning perpendicular to frame (bv = bn, Figure 5-26) 

f. Frame spacing, b = 17 ft 

g. Uniform dead load of deck, excluding frame 

Step 1. Determine α: (Section 5-41.1) 

bh = bv = 17 ft 

qh = 5.8 × 17 × 12 = 1,183 lb/in 

qv = 2.5 × 17 × 12 = 510 lb/in 

α = qh/qv = 2.32 

  

1589ENGINEERING-PDH.COM 
| STR-112 |



 
 
 

1590 

Figure 5A-6 Preliminary Design of Four-Bay, Single-Story Rigid Frame, 
Example 5A-6 

 

Step 2. Establish equivalent static loads (Section 5-41.3) 

a. Local beam mechanism, w = DLF × qv 

 k/ft65.7
000,1

1251025.1
=

××
=w  

b. Panel or combined mechanism, w = DLF × qh 

 tw k/f83.3
000,1

12510625.0
=

××
=  

Step 3. The required plastic moment capacities for the frame members are 
determined from Table 5-13 based upon rational assumptions for the 
moment capacity ratios C1 and C. In general, the recommended starting 
values are C1 equal to 2 and C greater than 2. From Table 5-13, for n = 4, 
α = 2.32, H = 15.167 ft, L = 16.5 ft and pinned bases, values of C1 and C 
were substituted and after a few trials, the following solution is obtained: 

Mp = 130 kip-ft, C1 = 2.0 and C = 3.5. 

The various collapse mechanisms and the associated values of Mp are 
listed below: 
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Collapse 
Mechanism 

w 
(k/ft) 

Mp 
(k-ft) 

1 7.65 130 

2 7.65 128 

3a, 3b 3.83 128 

4 3.83 129 

5a, 5b 3.83 110 

6 3.83 116 

The plastic design moments for the frame members are established as 
follows: 

Girder, Mp = 130 k-ft 

Interior column, C1Mp = 260 k-ft 

Exterior column, CMp = 455 k-ft 

Step 4. 

a. Axial loads and shears due to horizontal blast pressure. 

 w = 3.83 k/ft 

 From Figure 5-27, R = αwH = 2.32 × 3.83 × 15.167 = 135 kips 

1. Member 1, axial load 

 P1 = R/2 = 67 kips 

2. Member 2, shear force 

 V2 = R/2(4) = 135/8 = 16.8 kips 

3. Member 3, shear force 

 V3 = R/2 = 67 kips 

b. Axial loads and shears due to vertical blast pressure, 

 w = 7.65 k/ft 

1. Member 1, shear force 
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 V1 = w × L/2 = 7.65 × 16.5/2 = 63.1 kips 

2. Member 2, axial load 

 P2 = w × L = 7.65 × 16.5 = 126.2 kips 

3. Member 3, axial load 

 P3 = w × L/2 = 63.1 kips 

Note: 
The dead loads are small compared to the blast loads and are 
neglected in this step. 

Step 5. The members are designed using the criteria of Sections 5-37.3, 5-38, and 
5-39 with the following results: 

Member Mp (k-ft) P (k) V (k) Use Ix (in4) 

1 130 67.0 63.1 w12x35 285 

2 260 126.2 16.8 w14x61 640 

3 455 63.1 67.0 w14x74 796 

Step 6. Determine the frame stiffness and sway deflection. 

( ) ( ) 4in702
5

79626403
=

×+×
=caI  (Table 5-14) 

Ig = 285 in4 

ß = 0 

( ) 498.0
167.15/70275.0

8.16/285
/75.0

/
===

HI
LI

D
ca

g  (Table 5-14) 

C2 = 4.65 

( )( )[ ]11.07.013
2 −−+= n

H
CEIK ca β  (Table 5-14) 

    ( )[ ]
( )

k/in2.50
12167.15

37.0165.47021030
3

3

=
×

+××××
=  

KL = 0.55 (1 - 0.25ß) = 0.55 (Equation 5-51) 

Calculate dead weight, W: 
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W = b[(4Lwdr) + (1/3) (Hwdw)] + (35 × 66)  

 + 1/3 (15.167) [(3 × 61) + (2 × 74)] = 20,548 lb 

me = W/g = 20,548/32.2 = 638 lb-sec2/ft = 638 × 106 lb-ms2/ft 

TN = 2π[me/KKL]1/2 (Equation 5-50) 

 = 2π[(638 × 106)/(50.2 × 12 × 103 × 0.55)]1/2 = 276 ms 

T/TN = 78/276 = 0.283 

P/Ru = 1.6 

μ = Xm/XE = 1.40 (Figure 3-64a) 

inches68.2
2.50

167.1583.332.2
=

××
===

EE

u
E K

wH
K
R

X α  

 (Equation 5-52 and 5-53) 

Xm = δ = 1.40 × 2.68 = 3.75 inches (Equation 5-54) 

δ = 3.75/(15.167) (12)H = 0.0206H = H/48.5 

Step 7. Check deflection of possible local mechanisms.  

a. Roof girder mechanism (investigate W12 × 35 from Step 5) 

TN = 2p (me/KE)1/2 (Equation 5-15) 

me = KLM × m 

For an elasto-plastic response, take the average load-mass factor 
for the plastic and elastic response, or: 

KLM = (0.77 = 0.66)/2 = 0.715 (Table 3-12) 

m = 0.715 × W/g 

w = (13.5 × 17) + 36 = 265 lb/ft 

W = w × L = 265 × 16.5 = 4372 lb.  

mE = 0.715 × 4372/368 = 8.1 lb-sec2/in. 

KE = 307 EI/L3 (Table 3-8) 

( )
lb/in332000

125.16
2851030307

3

6

=
×

×××
=EK  

TN = 2π (8.1/332000)1/2 × 1000 = 31.0 ms 
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T/TN = 78/31.0 = 2.52 

Ru = 16Mp/L = (16 × 130)/16.5 = 126 kips (Table 5-13) 

P = pbL = (2.5) (17) (144) (16.5)/1000 = 101 kips  

P/Ru = 101/126 = 0.80 

μ  =  Xm/XE = 1.80 (Figure 3-64a) 

Check end rotation of girder. 

XE = Ru/KE = 126/332 = 0.380 inch 

Xm = 1.80 × 0.380 = 0.69 inch 

Xm/(L/2) = 0.69/(8.25) (12) = 0.069 = tan Θ, 

Θ  = 0.40° < 1°       O.K. 

b. Exterior column mechanism (investigate W14 × 74 from Step 5). 

TN = 2π (me/KE)1/2 (Equation 5-15) 

g
w

g
wmKm LMe

72.0

2
66.078.0

=

×
+

=×=
 (Table 3-12) 

w = (16.5 × 17) + 74 = 354 lb/ft 

W = 354 × 15.167 = 5369 lb 

Me = 0.72 (5369)/386 = 10.0 lb-sec2/in 

KE = 160 EI/L4 (Table 3-8) 

lb/in000,632
182

7961030160
3 =

×××
=EK  

TN = 2π(10.0/632,000)1/2 × 1000 = 25.0 ms 

T/TN = 78/25.0 = 3.12 

( ) ( )[ ] kips275
167.15

15.321304124
=

+×××
=

+
=

H
CM

R p
u  (Table 5-13) 

P = (2.32) (7.65/1.25) (15.167) = 215 kips  

P/Ru = 215/275 = 0.78 

μ = Xm/XE = 1.80 (Figure 3-64a) 
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Check end rotation of columns. 

XE = Ru/K = 275/632 = 0.435 inch 

Xm = 1.80 × 0.435 = 0.78 inch 

Xm /(L/2) = 0.78/[(7.58) (12)] = 0.0086 = tan Θ 

Θ = 0.49°  < 1°      O.K. 

Step 8. The deflections of the local mechanisms are within the criteria. The 
sidesway deflection is acceptable. 

Summary: The member sizes to be used in a computer analysis are as follows: 

Member Size 

1 W12 × 35 

2 W14 × 61 

3 W14 × 74 
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PROBLEM 5A-7 DESIGN OF DOORS FOR PRESSURE-TIME LOADING 

Problem: Design a steel-plate blast door subjected to a pressure-time loading. 

Procedure: 

Step 1. Establish the design parameters . 

a. Pressure-time load 

b. Design criteria:  Establish support rotation, Θmax, and whether seals 
and rebound mechanisms are required 

c. Structural configuration of the door including geometry and support 
conditions 

d. Properties of steel used: 

  Minimum yield strength, fy, for door components  (Table 5-1) 

  Dynamic increase factor, c  (Table 5-2) 

Step 2. Select the thickness of the plate. 

Step 3. Calculate the elastic section modulus, S, and the plastic section modulus, 
Z, of the plate. 

Step 4. Calculate the design plastic moment, Mp, of the plate  (Equation 5-7) 

Step 5. Compute the ultimate dynamic shear, Vp  (Equation 5-16) 

Step 6. Calculate maximum support shear, V, using a dynamic load factor of 1.25 
and determine V/Vp. If V/Vp is less than 0.67, use the plastic design 
moment as computed in Step 4 (Section 5-31). If V/Vp is greater than 0.67, 
use Equation 5-23 to calculate the effective Mp. 

Step 7. Calculate the ultimate unit resistance of the section (Table 3-1), using the 
equivalent plastic moment as obtained in Step 4 and a dynamic load factor 
of 1.25. 

Step 8. Determine the moment of inertia of the plate section. 

Step 9. Compute the equivalent elastic unit stiffness, KE, of the plate section. 

   (Table 3-8) 

Step 10. Calculate the equivalent elastic deflection, XE, of the plate as given by 
XE = ru/KE. 

Step 11. Determine the load-mass factor KLM and compute the effective unit mass, 
me. 

Step 12. Compute the natural period of vibration, TN. 
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Step 13. Determine the door plate response using the values of P/ru and T/TN and 
the response charts of Chapter 3. Determine Xm/XE and TE. 

Step 14. Determine the support rotation, 

tan Θ =  (Xm) / (L/2) 

Compare Θ with the design criteria of Step 1b. 

Step 15. Determine the strain rate, ε, using Equation 5-1. Determine the dynamic 
increase factor using Figure 5-2 and compare with the DIF selected in 
Step 1d. 

 If the criteria of Step 1 is not satisfied, repeat Steps 2 to 15 with a new 
plate thickness. 

Step 16. Design supporting flexural element considering composite action with the 
plate (if so constructed). 

Step 17. Calculate elastic and plastic section moduli of the combined section. 

Step 18. Follow the design procedure for a flexural element as described in 
Section 5A-1. 
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EXAMPLE 5A-7 (A) DESIGN OF A BLAST DOOR FOR PRESSURE-TIME LOADING 

Required: Design a double-leaf, built-up door (6 ft by 8 ft) for the given pressure-time 
loading. 

Step 1. Given: 

a. Pressure-time loading  (Figure 5A-7) 

b. Design criteria:  This door is to protect personnel from exterior 
loading. Leakage into the structure is permitted but the maximum 
end rotation of any member is limited to 2° since panic hardware 
must be operable after an accidental explosion. 

c. Structural configuration  (Figure 5A-7) 

  Note: 
This type of door configuration is suitable for low-pressure range 
applications. 

d. Steel used:  A36 

Figure 5A-7(a) Door Configuration and Loading, Example 5A-7(a) 

 

Yield strength, fy = 36 ksi (Table 5-1) 

Dynamic increase factor, c = 1.29 (Table 5-2) 

Average yield strength increase factor, a = 1.1 (Section 5-12.1) 

Hence, the dynamic design stress, 
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fds = 1.1 × 1.29 × 36 = 51.1 ksi (Equation 5-2) 

and the dynamic yield stress in shear, 

fdv = 0.55 fds = 0.55 × 51.1 = 28.1 ksi (Equation 5-4) 

Step 2. Assume a plate thickness of 5/8 inch. 

Step 3. Determine the elastic and plastic section moduli (per unit width). 

( )

( ) /inin10765.9
4

8/51
4

/inin10515.6
6

8/51
6

32
22

32
22

−

−

×=
×

==

×=
×

==

dbZ

dbS
 

Step 4. Calculate the design plastic moment, Mp. 

Mp = fds (S + Z)/2 = 51.1 [(6.515 × 10-2) (Equation 5-7) 

   + (9.765 × 10-2)]/2  =  51.1 × 8.14 × 10-2 = 4.16 in-k/in 

Step 5. Calculate the dynamic ultimate shear capacity, Vp, for a 1-inch width. 

Vp = fdvAw  =  28.1 × 1 × 5/8 = 17.56 kips/in (Equation 5-16) 

Step 6. Evaluate the support shear and check the plate capacity. Assume 
DLF = 1.25 

kip/in333.0lb/in333
2

1368.1425.12/ ==
×××

=××= LPDLFV  

V/Vp = 0.333/13.61 = 0.0245 < 0.67 (Section 5-31) 

No reduction in equivalent plastic moment is necessary. 

Note: 

When actual DLF is determined, reconsider Step 6. 

Step 7. Calculate the ultimate unit resistance, ru, (assuming the plate to be simply-
supported at both ends). 

psi7.25
36

1016.488
2

3

2 =
××

==
L
M

r p
u  (Table 3-1) 

Step 8. Compute the moment of inertia, I, for a 1-inch width. 

( ) /inin02035.0
12

8/51
12

4
33

=
×

==
dbI  

Step 9. Calculate the equivalent elastic stiffness, KE. 
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psi/in0.27
3615

02035.01029384
5

384
4

6

4 =
××

×××
==

Lb
EIKE  (Table 3-8) 

Step 10. Determine the equivalent elastic deflection, XE. 

XE = ru/KE =  25.7/27.0  = 0.95 inch 

Step 11. Calculate the effective mass of element.  

a. KLM (average elastic and plastic) 

       = (0.78 + 0.66)/2 = 0.72 

b. Unit mass of element, m 

 /inmspsi0.458
122.321728
10490118/5 2

6

−=
××

××××
==

g
wm  

c. Effective unit of mass of element, me 

 me = KLMm = 0.72 × 458.0 

      = 330 psi-ms2/in 

Step 12. Calculate the natural period of vibration, TN. 

TN = 2π (330/27.0)1/2 = 22 ms 

Step 13. Determine the door response. 

Peak overpressure P = 14.8 psi 

Peak resistance ru = 25.7 psi 

Duration  T = 13.0 ms 

Natural period of vibration TN = 22 ms 

 P/ru = 14.8/25.7 = 0.58 

 T/TN = 13.0/22.0 = 0.59 

From Figure 3-64a of Chapter 3, 

Xm/XE < 1 

Since the response is elastic, determine the DLF from Figure 3-49 of 
Chapter 3. 

 DLF = 1.3 for T/TN = 0.59 
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Step 14. Determine the support rotation. 

inch713.0
7.25

95.08.143.1
=

××
=mX  

tan Θ  = Xm/(L/2) = 0.713/(36/2) = 0.0396 

Θ = 2.27° > 2°        N.G. 

Step 15. Evaluate the selection of the dynamic increase factor. 

Since this is an elastic response, use Figure 3-49 (b) of Chapter 3 to 
determine tm. For T/TN = 0.59, tm/T = 0.7 and tm = 9.1 ms. The strain rate 
is: 

Esds tEf /=ε&  (Equation 5-1) 

Since the response is elastic, 

ksi4.38
95.0

713.01.511.51 =×=×=
E

m
ds X

Xf  

and tE = tm  =  0.0091 sec. Hence, 

in/in/sec142.0
0091.0106.29

4.38
3 =

××
=ε&  

Using Figure 5-2, DIF = 1.31. The preliminary selection of DIF = 1.29 is 
acceptable. 

Since the rotation criterion is not satisfied, change the thickness of the 
plate and repeat the procedure. Repeating these calculations, it can be 
shown that a 3/4-inch plate satisfies the requirements. 

Step 16. Design of the supporting flexural element. 

Assume an angle L4 × 3 × 1/2 and attached to the plate as shown in 
Figure 5A-7(b). 

Determine the effective width of plate which acts in conjunction with the 
angle 

bf /2tf  <  8.5 (Section 5-24) 

where bf  /2 is the half width of the outstanding flange or overhang and tf is 
the thickness of the plate. 

With tf  = 3/4 inch, bf /2 < 8.5 × 3/4, i.e., 6.38 inches 

Use overhang of 6 inches. 
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Hence, the effective width = 6 + 2 = 8 inches. The angle together with 
plate is shown in Figure 5A-7(b). 

Step 17. Calculate the elastic and plastic section moduli of the combined section. 

Let y  be the distance of c.g. of the combined section from the outside 
edge of the plate as shown in Figure 5A-7(b), therefore 

( ) ( )
( ) inches445.1

25.34/38
25.333.14/348/34/38

=
+×

×−++××
=y  

Let yp be the distance to the N.A. of the combined section for full plasticity. 

( )[ ]

( ) ( )

( ) 42

2
3

in881.24445.14/3425.305.5

8/345.14/38
12

4/38

inch578.025.34/38
28

1

=−+×++

−××+
×

=

=+×
×

=

I

y p

 

Hence, Smin = 24.881/(4.75 - 1.445) = 7.54 in3 

Z = 8 (0.578)2/2 + 8 (0.75 - 0.578)2/2 

        + 3.25 (4.75 - 1.33 - 0.578) = 10.69 in3 

Figure 5A-7(b) Detail of Composite Angle/Plate Supporting Element, 
Example 5A-7(b) 

 

Step 18. Follow the design procedure for the composite element using Steps 4 
through 13. Calculate the design plastic moment Mp of the supporting 
flexural element. 

Mp = 51.1 (7.54 + 10.69)/2 = 465.8 in-kips (Equation 5-7) 

Calculate the ultimate dynamic shear capacity, Vp. 

Vp = fdvAw = 28.1 (4.0 - 1/2) 1/2 = 49.2 kips (Equation 5-16) 
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Calculate support shear and check shear capacity. 

L = 8'-0" = 96 inches 

Vp= (14.8 × 36/2 × 96)/2 = 12790 lb =  12.79 kips < V     O.K. 

 (Section 5-23) 

Calculate the ultimate unit resistance, ru. 

Assuming the angle to be simply supported at both ends: 

ru = 8Mp /L2 = (8 × 465.8 × 1000)/(96)2 = 405 lb/in (Table 3-1) 

Calculate the unit elastic stiffness, KE. 

2
4

6

4 lb/in5.652
965

881.241029384
5

384
=

×
×××

==
L
EIKE  (Table 3-8) 

Determine the equivalent elastic deflection, XE. 

XE = ru /KE = 405/652.5 = 0.620 inch 

Calculate the effective mass of the element. 

KLM  =  0.72 

( ) lb/in750.4825.3925.0
1728
49018

4
3

12
1.11

=+=××+=w  

Effective unit mass of element, 

224
6

/inmslb1089.0
122.32
1075.472.0 −×=

×
×

×=em  

Calculate the natural period of vibration, TN. 

TN = 2π[(89 × 102)/652.5]1/2 = 23.2 ms 

Determine the response parameters. (Figure 3-64a) 

Peak overpressure P = 14.8 × 36/2 = 266.5 lb/in 

Peak resistance ru = 405 lb/in 

Duration T = 13.0 ms 

Natural period of vibration, TN = 23.2 ms 

P/ru = 266.5/405 = 0.658 

T/TN = 13/23.2 = 0.56 

From Figure 3-64a, 
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μ  = Xm/XE < 1 

From Figure 3-49 for T/TN = 0.56, 

DLF = 1.28 

in522.0
5.652

2/368.1428.1 Hence, =
××

=mX  

tan Θ =  Xm/(L/2) = 0.522/48 = 0.0109 

Θ = 0.69°  <  2°                O.K. 

Check stresses at the connecting point. 

σ = My/I = 355 × 103 × (1.445 - 0.75)/24.881 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
=×=×== 341405

62.0
522.0psi9900 p

E

m M
X
XM  

( ) psi600,6
2/1881.24

2/75.0445.14/381079.12 3

=
×

−××××
==

Ib
VQτ  

Effective stress at the section  

(σ2+ τ 2 )1/2 = 103 × (9.92 + 6.62 )1/2 = 11898 psi < 39.600 psi     O.K. 
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EXAMPLE 5A-7 (B) DESIGN OF A PLATE BLAST DOOR FOR PRESSURE-TIME 
LOADING 

Required: Design a single-leaf door (4 ft by 7 ft) for the given pressure-time 
loading. 

Step 1. Given: 

a. Pressure-time loading [Figure 5A-7 (c)] 

b. Design criteria:  Door shall be designed to contain blast pressures 
from an internal explosion. Gasket and reversal mechanisms shall 
be provided. Support rotation shall be limited to 3° 
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Figure 5A-7(c) Door Configuration and Loading, Example 5A-7(b) 
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c. Structural configuration (see Figure 5A-7 (c)) 

 N ote: 
This type of door is suitable for high pressure range  applications. 

d. Steel used:  ASTM A588 

Yield strength,  fy = 50 ksi (Table 5-1)  

Dynamic increase factor, c = 1.24  (preliminary, Table 5-2) 

Average strength increase factor, a = 1.1 (Section 5-12.1)  

Hence, the dynamic design stress, 

fds = 1.1 × 1.24 × 50 = 68.2 ksi (Equation 5-2) 

Note: 
It is assumed, for the limited design rotation of 3° , that μ < 10, and, 
therefore, that Equation 5-3 does not govern. 

The dynamic design stress in shear 

fdv = 0.55 fds = 37.5 ksi (Equation 5-4) 

Step 2. Assume a plate thickness of 2 inches 

Step 3. Determine the elastic and plastic section moduli (per unit width) 

/inin0.1
4
21

4

/inin667.0
6
21

6
3

22

3
22

=
×

==

=
×

==

dbZ

dbS
 

Step 4. Calculate the design plastic moment, Mp 

Mp = fds (S + Z)/2 = 68.2 (0.667 + 1.0)/2 = 56.8 in-k/in (Equation 5-7) 

Step 5. Calculate the dynamic ultimate shear capacity, Vp, for a 1-inch width. 

Vp = fdvAw  =  37.5 × 2  =  75.0 kips/in (Equation 5-16) 

Step 6. Evaluate the support shear and check the plate shear capacity.  

Assume DLF = 1.0 (Table 5-4) 

For simplicity, assume the plate is a one-way member, hence: 

V = DLF × P × L/2 = 1.0 × 1100 × 48/2 = 26,400 lb/in 

   = 26.4 kips/in 

V/Vp =  26.4/75. = 0.352 < 0.67 (Section 5-31) 
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No reduction in equivalent plastic moment is necessary.  

Step 7. Calculate the ultimate unit resistance, ru. 

For a plate, simply-supported on four sides (direct load) 

ru = 5Mp /X2 (Table 3-2) 

where MHP = Mp and MHN = 0 and 

75.1 for 35.0 ==
H
L

L
X  (Figure 3-17) 

thus,  X = 0.35 × 12 × 7 = 29.4 in 

ru = 5 × 56.8/(29.4)2  = 329 psi 

Step 8. Compute the moment of inertia, I, for a 1-inch width 

/inin667.0
12

21
12

4
33

=
×

==
bdI  

Step 9. Calculate the equivalent elastic stiffness, KE 

KE = r/x = D/γ H4 (Figure 3-36) 

where 

γ = 0.0083        (for H/L = 0.57) 

D = EI/[b (1 - ν2)] (Equation 3-33) 

D = 29.6 × 106 × 0.667/[1 (1 - 0.32)] = 2.17 × 107 

KE = 2.17 × 107/0.0083 × 484 = 492 psi/in  

Step 10. Determine the equivalent elastic deflection, XE. 

XE = ru /KE = 329/492 = 0.669 in 

Step 11. Calculate the effective mass of the element  

a. KLM (average elastic and plastic) 

     = (0.78 + 0.66)/2 = 0.72 

b. Unit mass of element 

 
in
mspsi468,1

122.32728,1
10490112 26 −

=
××
××××

==
g
wm  

c. Effective unit mass of element, me 
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in
mspsi057,1468,172.0

2−
=×=×= mKm LMe

 

Step 12. Calculate the natural period of vibration, TN 

TN = 2π (1,057/492)1/2 = 9.2 ms 

Step 13. Determine the door plate response for: 

P/ru = 1100/329 = 3.34 

T/TN = 1.0/9.2 = 0.109 

C1 = 100/1100 = 0.091 (Figure 3-62, Region C) 

C2 > 1000 

Using Figure 3-253, 

Xm/XE   = 1.5 

Xm = 1.5 × 0.669 = 1.00 in 

Step 14. Determine the support rotation. 

Θ = tan-1 (1/24) = 2.39° < 3°  

Step 15. Evaluate the selection of the dynamic increase factor. 

Esds tEf /=ε&  (Equation 5-1) 

tE/T = 1.8,  tE = 1.8 ms (Figure 3-253) 

in/in/sec28.10018.0106.29/2.68 3 =××=ε&  

DIF = 1.3      (Figure 5-2, average of A36 and A514)  

Initial selection of DIF = 1.24 is adequate. 

Since the support rotation criteria has been satisfied and the preliminary 
selection of the DIF is acceptable, a 2 inch thick plate is used in design. 

Steps 15 
through 18 

These steps are bypassed since the door plate has no stiffening elements.
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PROBLEM 5A-8 DESIGN OF DOUBLY SYMMETRIC BEAMS SUBJECTED TO 
INCLINED PRESSURE-TIME LOADING 

Problem: Design a purlin or girt as a flexural member which is subjected to a 
transverse pressure-time load acting in a plane other than a principal 
plane. 

Procedure: 

Step 1. Establish the design parameters. 

a. Pressure-time load 

b. Angle of inclination of the load with respect to the vertical axis of 
the section 

c. Design criteria:  Maximum support rotation limited to 2°. 

d. Member spacing, b 

e. Type and properties of steel used: 

Minimum yield strength for the section  (Table 5-1)  

Dynamic increase factor, c  (Table 5-2) 

Step 2. Preliminary sizing of the beam. 

a. Determine the equivalent static load, w, using a preliminary 
dynamic load factor equal to 1.0. 

 w = 1.0 × p × b 

b. Using the appropriate resistance formula from Table 3-1 and the 
equivalent static load derived in Step 2a, determine the required 
Mp. 

c. Determine the required section properties using Equation 5-7. 
Select a larger section since the member is subjected to 
unsymmetrical bending. 

Note that for a load inclination of 10°, it is necessary to increase the 
required average section modulus, (1/2) (S + Z), by 40 percent. 

Step 3. Check local buckling of the member. (Section 5-24). 

Step 4. Calculate the inclination of the neutral axis.  (Equation 5-24). 

Step 5. Calculate the elastic and plastic section moduli of the section.  

  (Equation 5-25). 

Step 6. Compute the design plastic moment, Mp, (Equation 5-6). 
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Step 7. Calculate ultimate unit resistance, ru, of the member. 

Step 8. Calculate elastic deflection, δ.  (Section 5-32.3). 

Step 9. Determine the equivalent elastic unit stiffness, KE, of the beam section 
using δ from Step 8. 

Step 10. Compute the equivalent elastic deflection, XE, of the member as given by 
XE = ru/KE. 

Step 11. Determine the load-mass factor, KLM, and obtain the effective unit mass, 
me, of the element. 

Step 12. Evaluate the natural period of vibration, TN. 

Step 13. Determine the dynamic response of the beam. Evaluate P/ru and T/TN, 
using the response charts of Chapter 3 to obtain Xm/XE and Θ. Compare 
with criteria. 

Step 14. Determine the ultimate dynamic shear capacity, Vp (Equation 5-16) and 
maximum support shear, V, using Table 3-9 of Chapter 3 and check 
adequacy. 
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EXAMPLE 5A-8  DESIGN AN I-SHAPED BEAM FOR UNSYMMETRICAL 
BENDING DUE TO INCLINED PRESSURE-TIME LOADING 

Required: Design a simply-supported I-shaped beam subjected to a pressure-
time loading acting at an angle of 10° with respect to the principal 
vertical plane of the beam. This beam is part of a structure designed 
to protect personnel. 

Step 1. Given: 

a. Pressure-time loading  (Figure 5A-8 (a)) 

b. Design criteria:  The structure is to be designed for more than one 
"shot."  A maximum end rotation = 1°, is therefore assigned 

c. Structural configuration  (Figure 5A-8(a)) 

d. Steel used:  A36 

Yield strength, fy = 36 ksi (Table 5-1) 

Dynamic increase factor, c = 1.29 (Table 5-2) 

 Average yield strength increase factor, a = 1.1 (Section 5-12.1) 

 Dynamic design strength,  

  fds = 1.1 × 1.29 × 36 = 51.1 ksi (Equation 5-2) 

 Dynamic yielding stress in shear,  

  fdv = 0.55 fds = 0.55 × 51.1 = 28.1 ksi (Equation 5-4) 

 Modulus of elasticity, E = 29,000,000 psi  

Step 2. Preliminary sizing of the member. 

a. Determine equivalent static load. 

 Select DLF = 1.2 (Section 5-22.3) 

 w = 1.25 × 4.5 × 4.5 × 144/1,000 = 3.65 k/ft 
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Figure 5A-8(a) Beam Configuration and Loading,  Example 5A-8(a) 

 

b. Determine minimum required Mp 

 Mp = (wL2)/8 = (3.65 × 192)/8 = 165 k-ft (Table 3-1) 

c. Selection of a member. 

 For a load acting in the plane of the web, 

 (S + Z) = 2Mp /fds = (2 × 165 × 12)/51.1 (Equation 5-7) 

(S + Z) = 77.5 in3 

(S + Z) required  1.4 × 77.5 = 109 in3 

Try W14 × 38, Sx = 54.6 in3,  Zx = 61.5 in3 

(S + Z) = 116.1 in3, Ix = 385 in4 

Iy = 26.7 in4 

Step 3. Check against local buckling. 

For W14 × 38, 

d/tw = 45.5 < (412 / (36)1/2) (1 - 1.4 × P/Py) = 68.66    O.K. (Equation 5-17) 

bf /2tf = 6.6 < 8.5    O.K. (Section 5-24) 
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Step 4. Inclination of elastic and plastic neutral axes with respect to the x-axis. 

tan α = (Ix/Iy) tan φ = (385/26.7) tan 10°  = 2.546 (Equation 5-24) 

α = 68.5°  

Calculate the equivalent elastic section modulus. 

S = (SxSy)/(Sycos φ + Sxsin φ) 

Sx = 54.6 in3, Sy = 7.88 in3, φ = 10°   

sin 10° =  0.174,   cos 10° = 0.985 

S = (54.6) (7.88)/(7.88 × 0.985 + 54.7 × 0.174) = 24.9 in3 

Step 5. Calculate the plastic section modulus, Z. 

Z = Acm1 + Atm2 (Equation 5-6) 

Ac = At = A/2 = 11.2/2 = 5.6 in2 

Let y  be the distance of the c.g. of the area of cross section in 
compression from origin as shown in Figure 5A-8 (b). 

( )

inches42.5515.0
2
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Figure 5A-8(b) Loading on Beam Section, Example 5A-8(b) 

 

Step 6. Determine design plastic moment, Mp. 

Mp = fds(S + Z)/2 = 51.1(24.9 + 56.5)/2 (Equation 5-7) 

  = 51.1 × 40.7 = 2,080 in-kips 

Step 7. Calculate ultimate unit resistance, ru. 

ru = 8Mp/L2 = (8) (2,080) (1,000)/(19 × 12)2 = 320 lb/in (Table 3-1) 

Step 8. Compute elastic deflection, δ. 

δ  = [(δx
2 + δy

2)]1/2 (Section 5-32.3) 

( )

( ) ( )

[ ] inches08.2256.0652.0
400,38

5

384
cos5

384
sin5
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Step 9. Calculate the equivalent elastic unit stiffness, KE. 
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2lb/in8.117
085.212

1000,194.2
=

×
××

==
δ
wKE  (Get w from Step 8) 

Step 10. Determine the equivalent elastic deflection, XE. 

XE = ru/KE = 320/117.8 = 2.72 inches 

Step 11. Calculate the effective mass of the element, me. 

a. Load-mass factor, KLM (Table 3-12) 

KLM (average elastic and plastic) 

     = (0.78 + 0.66)/2 = 0.72 

b. Unit mass of element, m 

 ( )[ ] 224
6

/inmslb10286.1
12122.32

10388.45.4
−×=

××
×+×

==
g
wm  

c. Effective unit mass of element, me 

 me = KLMm = 0.72 × 1.286 × 104 = 0.93 × 104 lb-ms2/in2 

Step 12. Calculate the natural period of vibration, TN. 

TN = 2π [(93 × 102)/117.8]1/2 = 55.8 ms (Section 5-22.2) 

Step 13. Determine the beam response. 

Peak overpressure P = 4.5 × 4.5 × 12 = 243 lb/in 

Peak resistance ru = 320 lb/in 

Duration T = 20 ms 

Natural period of vibration TN = 55.8 ms 

P/ru = 243/320 = 0.76 

T/TN = 20/55.8 = 0.358 

From Figure 3-64a 

Xm/XE  < 1 

From Figure 3-49, for T/TN = 0.358, 

DLF = 0.97 

Hence, Xm = 0.97 × 4.5 × 4.5 × 12/117.8 = 2.0 in 

Find end rotation, Θ. 

tan Θ = Xm /(L/2) = 2.0/[(19 × 12)/2] = 0.0175 
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Θ = 1.0°      O.K. 

Step 14. Calculate the dynamic ultimate shear capacity, Vp, and check for 
adequacy. 

Vp = fdvAw = 28.1 (14.10 - 2 × 0.515) (0.310) = 113.9 kips (Equation 5-16) 

V = DLF × P × b × L/2 

   = 0.97 × 4.5 × 4.5 × 19 × 144/(2 × 1,000) 

   = 26.9 kips < 89.2 kips < Vp      O.K. (Table 3-9) 
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APPENDIX 5B LIST OF SYMBOLS 

a yield stress increase factor 

A Area of cross section (in2) 

Ab Area of bracing member (in2) 

Ac Area of cross section in compression (in2) 

At Area of cross section in tension (in2) 

Aw Web area (in2) 

b Width of tributary loaded area (ft) 

bf Flange width (in) 

bh Tributary width for horizontal loading (ft) 

bv Tributary width for vertical loading (ft) 

c, DIF (1) Dynamic increase factor 

c (2) Distance from neutral axis to extreme fiber of cross-section in 
flexure (in) 

C, C1 Coefficients indicating relative column to girder moment capacity 
(Section 5-42.1) 

Cb Bending coefficient defined in Section 1.5.1.4.5 of the AISC Specification 

Cc Column slenderness ratio indicating the transition from elastic to inelastic 
buckling 

Cmx, Cmy Coefficients applied to the bending terms in interaction formula (AISC 
Specification Section 1.6.1) 

C2 Coefficient in approximate expression for sidesway stiffness factor 
(Table 5-14) 

D Coefficient indicating relative girder to column stiffness (Table 5-14) 

DLF Dynamic load factor 

d (1) Web depth (in) 

 (2) Diameter of cylindrical portion of fragment (in) 

E Young's modulus of elasticity (psi) 

f (1) Maximum bending stress (psi) 

 (2) Shape factor, S/Z 
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fa Axial stress permitted in the absence of bending moment from 
Section 5-37.3 (psi) 

fb Bending stress permitted in the absence of axial force (psi) 

fcr Web buckling stress (psi) 

fd Maximum dynamic design stress for connections (psi) 

fds Dynamic design stress for bending, tension and compression (psi) 

fdv Dynamic yielding shear stress (psi) 

fdv Dynamic ultimate stress (psi) 

fdy Dynamic yield stress (psi) 

F'ex, F'ey Euler buckling stresses divided by safety factor (psi) 

FH Horizontal component of force in bracing member (lb) 

Fs Allowable static design stress for connections (psi) 

fu Ultimate tensile stress (psi) 

fy Minimum static yield stress (psi) 

g Acceleration due to gravity (386 in/sec2) 

H Story height (ft) 

h Web depth for cold-formed, light gauge steel panel sections (in) 

I Moment of inertia (in4) 

Ica Average column moment of inertia for single-story multi-bay frame (in4) 

I20 Effective moment of inertia for cold-formed section at a service stress of 
20 ksi (in4 per foot width) 

Ix Moment of inertia about the x-axis (in4) 

Iy Moment of inertia about the y-axis (in4) 

K (1) Effective length factor for a compression member 

 (2) Stiffness factor for rigid single-story, multi-bay frame from 
Table 5-14 

Kb Horizontal stiffness of diagonal bracing (lb/ft) 

KE Equivalent elastic stiffness (lb/in or psi/in) 

KL Load factor 

KLM Load-mass factor 
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KM Mass factor 

L (1) Span length (ft or in) 

 (2) Frame bay width (ft) 

l Distance between cross section braced against twist or lateral 
displacement of compression flange or distance between points of lateral 
support for beams or columns  

l/r Slendernes s ratio 

lb Actual unbraced length in the plane of bending (in) 

lcr Critical unbraced length (in) 

M Total effective mass (lb-ms2/in) 

Mmx, Mmy Moments about the x- and y-axis that can be resisted by member in the 
absence of axial load 

Mp Design plastic moment capacity 

M1, M2 Design plastic moment capacities (Figures 5-6 and 5-10) 

Mpx, Mpy Plastic bending moment capacities about the x- and y-axes 

Mpu Ultimate dynamic moment capacity 

Mup Ultimate positive moment capacity for unit width of panel 

Mun Ultimate negative moment capacity for unit width of panel 

My Moment corresponding to first yield 

m (1) Unit mass of panel (psi-ms2/in) 

 (2) Number of braced bays in multi-bay frame  

me Effective unit mass (psi-ms2/in) 

m1 Distance from plastic neutral axis to the centroid of the area in 
compression in a fully plastic section (in) 

m2 Distance from plastic neutral axis to the centroid of the area in tension in a 
fully plastic section (in) 

N Bearing length at support for cold-formed steel panel (in) 

n Number of bays in multi-bay frame 

P (1) Applied compressive load (lb) 

 (2) Peak pressure of equivalent triangular loading function, (psi) [when 
used with ru], or peak total blast load (lb) [when used with Ru]. 
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Pex, Pey Euler buckling loads about the x- and y-axes 

Pp Ultimate capacity for dynamic axial load, Afdy (lb) 

Pu Ultimate axial compressive load (lb) 

Py Ultimate capacity for static axial load Afy (lb) 

Ph Reflected blast pressure on front wall (psi) 

Pv Blast overpressure on roof (psi) 

Qu Ultimate support capacity (lb) 

qh Peak horizontal load on rigid frame (lb/ft) 

qv Peak vertical load on rigid frame (lb/ft) 

R Equivalent total horizontal static load on frame (lb) 

Ru Ultimate total flexural resistance (lb) 

rb Radius of gyration of bracing member (in) 

rT Radius of gyration, Equation 5-22 (in) 

ru Ultimate unit flexural resistance (psi) 

rx, ry Radii of gyration about the x- and y-axes (in) 

r  Required resistance for elastic behavior in rebound (psi) 

S Elastic section modulus (in3) 

Sx, Sy Elastic section modulus about the x- and y-axes (in3) 

S+ Effective section modulus of cold-formed section for positive moments 
(in3) 

S- Effective section modulus of cold-formed section for negative moments 
(in3) 

T Load duration (sec) 

TN Natural period of vibration (sec) 

t (1) Thickness of plate element (in) 

 (2) Thickness of panel section (in) 

tE Time to yield (sec) 

tf Flange thickness (in) 

tm Time to maximum response (sec) 
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tw Web thickness (in) 

V Support shear (lb) 

V Ultimate shear capacity (lb) 

Vr Residual velocity of fragment (fps) 

Vs Striking velocity of fragments (fps) 

Vx Critical perforation velocity of fragment (fps) 

W Total weight (lb) 

Wc Total concentrated load (lb) 

WE External work (lb-in) 

Wf Fragment weight (oz) 

WI Internal work (lb-in) 

w (1) Flat width of plate element (in) 

 (2) Load per unit area (psi) 

 (3) Load per unit length (lb/ft) 

Xo Deflection at design ductility ratio (in) (Figure 5-12) 

XE Equivalent elastic deflection (in) 

Xm Maximum deflection (in) 

x Depth of penetration of steel fragments (in) 

Z Plastic section modulus (in3) 

Zx, Zy Plastic section moduli about the x- and y-axes (in3) 

α (1) Angle between the horizontal principal plane of the cross section 
and the neutral axis (deg) 

 (2) Ratio of horizontal to vertical loading on a frame 

ß (1) Base fixity factor (Table 5-14) 

 (2) Support condition coefficient (Section 5-34.3) 

 (3) Critical length for bracing correction factor (Section 5-26.3) 

γ Angle between bracing member and a horizontal plane (deg) 

δ (1) Total transverse elastic deflection (in) 

 (2) Lateral (sidesway) deflection (in) 
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ε S train (in/in) 

ε Average strain rate (in/in/sec) 

Θ (1) Member end rotation (deg) 

 (2) Plastic hinge rotation (deg) 

Θmax Maximum permitted member end rotation 

μ Ductility ratio 

μmax Maximum permitted ductility ratio 

φ Angle between the plane of the load and the vertical principal plane of the 
cross section (deg) 
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